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Probabilistic assessment of earthquake insurance premium rates
for the Gumusova-Gerede Motorway Section
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ABSTRACT

ARTICLE INFO

A probabilistic model is developed for the assessment of the earthquake insurance
premium rates for the structures taking place in the Bolu Mountain Crossing in the
Gumusova-Gerede Motorway Section. The model requires two types of studies,
namely: seismic hazard analysis and estimation of potential damage to structures.
The computations are carried out according to the proposed model by using the seis-
mic hazard results obtained from the time-dependent renewal model and the best

estimate damage probability matrices developed in the study.

Article history:
Received 12 May 2015
Accepted 7 June 2015

Keywords:

Seismic hazard
Earthquake engineering
Earthquake insurance
Damage probability matrix
Risk premium

Insurance premium

1. Introduction

Bolu Mountain Crossing, being a stretch of Gumusova-
Gerede Motorway project and named as Section 2, has a
total length of 27.2 km, in which 25.6 km of it is motor-
way and 1.6 km is the connection road. Motorway is de-
signed as two by three-laned and covers earthworks,
structures, tunnel and pavement works. Bolu Mountain
Crossing, being included within the motorway project
along Edirne-Istanbul-Ankara route, which is the main
artillery of the highway network in the country, and aim-
ing to meet local and international transportation de-
mands, is the sole section of the project which was com-
pleted in 2007. When completed and opened to traffic it
ensured the integrity of a very important alignment as a
high standard and access control road and safe continu-
ous traffic flow along the motorway.

Within the scope of the road there is one tunnel with
two tubes of 2.9 km and 2.8 km long, four viaducts of to-
tally 4.6 km long, three bridges of totally 76 m long, one
under-bridge and twelve over-bridges of totally 682 m
long. Bolu Mountain Crossing starts from Kaynasli, trav-
els towards east along Asarsuyu Valley, crosses Bolu
Mountain through a tunnel and ends at Yumrukaya. The
commencement date of the project is 19.02.1990 and
initially the expected completion date was 15.12.2006.

The initial contract price was 570,500,000 US dollars,
whereas later the revised new contract value reached to
670,000,000 US dollars. The contractor of the project is
Astaldi S.p.A. and the project is financed by foreign credit.

The earthquake of November 12th 1999 hit the mo-
torway system and caused damages at Viaduct 1 and
partial collapse of the Elmalik (Ankara) side of the tunnel
for a length of 350 m. The insurance company, after ne-
gotiations had agreed to reimburse 105 million US dol-
lars for the losses of the client. After making such a high
payment, the insurance company refused the renewal of
the earthquake insurance coverage. Consequently, the
international insurance companies are invited to make
offers for the earthquake insurance coverage of the mo-
torway system. Only one insurance company made an of-
fer with an extremely high premium rate. The client
found the offer too high and required a realistic evalua-
tion of the pure risk premium.

In this paper a probabilistic model is presented to ob-
tain a realistic estimate of the earthquake insurance pre-
mium for the Bolu Mountain Crossing in the Gumusova-
Gerede Motorway Section. The model integrates the in-
formation on seismic hazard and the information on ex-
pected earthquake damage on engineering facilities in a
systematic way, yielding to estimates of the earthquake
insurance premium rates.
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2. Probabilistic Model for the Estimation of
Earthquake Insurance Premium Rates

The assessment of earthquake insurance premium
rates requires two types of studies, namely: seismic hazard
analysis and estimation of potential damage to structures.
In the following, first a brief explanation is provided on
these two types of studies and then the model is developed.

2.1. Seismic hazard analysis (SHA)

In the probabilistic sense seismic hazard can be de-
fined as the probability of exceeding different levels of a
selected earthquake “severity” or ground motion param-
eter at a given site and within a given period of time due
to expected seismic activity in the region. Many models
have been developed for seismic hazard analysis. Most of
the earlier models of seismic hazard assessment were
based on the assumption that earthquake occurrences
are independent events in space and time, and utilized
the Poisson model (also known as the classical SHA
model) or the extreme value statistics. Later studies con-
sidered the temporal or spatial dependence of earth-
quakes only, like the renewal or Markov models. In re-
cent studies, the occurrence of earthquakes is treated as
a space-time process and the spatial and temporal corre-
lations are taken into consideration. A detailed discus-
sion of different stochastic models for seismic hazard
analysis is given in (Yiicemen and Akkaya, 1996). The
probabilistic formulation adopted in this study is based
mainly on the time-dependent renewal model. The re-
sults obtained based on the classical SHA model are also
presented and taken into consideration.

2.2. Estimation of potential seismic damage to
structures

Another important component of the model is the as-
sessment of damage to a specified type of structure as a re-
sult of earthquakes. Damage is commonly described by a
loss ratio that varies with the strength of shaking and type
of structure. Due to the uncertainties involved, the damage
that may occur during future earthquakes has to be treated

in a probabilistic manner. For this purpose damage
probability matrices (DPM) can be constructed from ob-
servational and estimated data (Whitman, 1973; ATC-
13, 1985; Giirpinar and Yiicemen, 1980; ATC-25, 1991).
A DPM expresses what will happen to structures dur-
ing earthquakes of different intensities. An element of
this matrix Pk (DS, I) gives the probability that a particu-
lar damage state (DS) occurs when the structure of kt-
type is subjected to an earthquake of intensity, I, where I
denotes a selected earthquake “severity” or ground mo-
tion parameter, like modified Mercalli intensity (MMI),
magnitude, peak ground acceleration (PGA), etc. The
identification of damage states is achieved in two steps:
e (i) The qualitative description of the degree of struc-
tural and non-structural damage by words. In the most
general classification five levels of damage states are
specified. These are: No damage (N), light damage (L),
moderate damage (M), heavy damage (H), and collapse
(C) states. The above categorization of damage states is
also used in this study.
e (ii) The quantification of the damage described by
words in terms of the damage ratio (DR), which is de-
fined as the ratio of the cost of repairing the earthquake
damage to the replacement cost of the structure. For
mathematical simplicity it is convenient to use a single
DR for each DS. This single DR is called the central dam-
age ratio (CDR). Based on the opinion of experts in
charge of damage evaluation and based on similar stud-
ies, the damage ratios corresponding to the five damage
states are estimated and are shown in Table 1.
Depending on the type of structures, different DPM'’s
exist. In this study DPM’s are developed for the different
type of structures taking place at the Bolu Mountain
Crossing in the Gumusova-Gerede Motorway Section,
namely: viaduct, tunnel, cut and cover and “other struc-
tures”, consisting of box culverts, embankments, slope
supports, pavements, landscaping, river training, etc.
Damage probability matrices can be obtained in the most
reliable way based on the seismic damage data assessed
from past earthquakes and also by using subjective judg-
ment of experts. Techniques based on theoretical anal-
yses for developing DPM's are also available (Whitman,
1973). The form of a DPM is illustrated in Table 1.

Table 1. Damage probability matrix.

Damage State Damage Ratio

Central Damage Ratio

Selected Intensity Parameter (1)

(DS) (DR) % (CDR) % L L I I Is

None 0-1

Light 1-10

Damage State Probabilities
Moderate 10-50
P(DS, )

Heavy 50-90

Collapse 100 100
2.3. Determination of the pure risk premium EADR, = ), MDR, x (I)SH,, @8]

The expected annual damage ratio (EADRy) is used as
a measure of the magnitude of earthquake damage to a
kth-type of structure that will be built in certain seismic
zone and is defined as:

where, MDRy = average damage ratio for the k- type of
structures subjected to an earthquake of intensity I and
SH; = annual probability (seismic hazard) of an earthquake
of intensity I occurring and affecting the construction site.
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It is to be noted that for the computation of EADR, one
needs only the MDR's corresponding to different inten-
sity levels, rather than the whole DPM. The information
contained in the damage probability matrix and in the
damage ratios can be combined by defining the MDR as
follows:

MDR;, = Y ps P, (DS,I) X CDRy (2)

where, CDRps= central damage ratio corresponding to
the damage state DS.

After calculating EADR, the pure risk premium (PRP)
is computed based on the insured value of the building
(INSV) under consideration from the following relation-
ship:

PRP, = EADR, X INSV . 3)

2.4. Determination of commercially charged
insurance premium

The commercially charged insurance premium (CPx)
for the kt-type of structure is found by increasing the
PRPxby some margin as follows:

CP, = PRP,/(1—LF), (4)

where, LF = load factor which covers the hidden uncer-
tainties, business expenses and a reasonable profit al-
lowance. A common value for LF is 0.4 (Glirpinar and
Yiicemen, 1980). Thus, the commercially charged earth-
quake insurance premiums will be obtained by multiply-
ing the pure earthquake insurance premium values by
an adjustment factor of {1/(1-0.4)}=1.667.

3. Estimation of the Earthquake Insurance Premium
Rates for the Gumusova-Gerede Motorway Section

The probabilistic model presented in Section 2 will
now be utilized to obtain a realistic estimate of the earth-
quake insurance premium rates for the structures taking
place in the Bolu Mountain Crossing in the Gumusova-
Gerede Motorway Section (BMC-GGMS) excluding Via-
duct-1. The period of earthquake insurance coverage is
assumed to be between January 1, 2003 and the sched-
uled end of the construction, which was initially set as
December 31, 2006, a total period of four years.

3.1. Seismic hazard analysis

In order to use the proposed model for computing the
earthquake insurance premium for the structural com-
ponents of the BMC-GGMS, it is first necessary to carry
out a probabilistic seismic hazard analysis for the site
where the mountain crossing is located. Extensive prob-
abilistic seismic hazard analyses have been conducted in
the past for this site by utilizing the classical seismic haz-
ard model based on the independent Poisson model.
These studies are carefully examined and the results of
the most recent one (Yilmaz and Erdik, 2000), are sum-
marized in Table 2.

Table 2. Seismic hazard results for the
time-independent (memoryless) Poisson process
(Yilmaz and Erdik, 2000).

Return Period (years) PGA (g)
9.5 0.084

47.5 0.239

95 0.324

475 0.557

950 0.673

4750 0.985

9500 1.137

In the current study, the probabilistic seismic hazard
analysis is conducted based on the time-dependent re-
newal model, which is believed to represent the current
short-time seismic hazard more realistically, in view of
the recent major earthquakes that took place in the re-
gion. Results of the time-dependent seismic hazard as-
sessment study for the same return periods are pre-
sented in Table 3. The details of this seismic hazard anal-
ysis can be found in Yilmaz et al. (2003).

Table 3. Seismic hazard results based on the
time-dependent (renewal) model.

Return Period (years) PGA (g) MMI
9.5 0.02 V-V
47.5 0.06 VI
95 0.09 VI-VII
475 0.26 VIII
950 0.36 VIII-IX
2000 0.54 IX
4750 0.60 IX.%
9500 0.70 IX-X

3.2. Damage probability matrices

In order to compute the EADR values from Eq. (1), it
is necessary to obtain the DPM's that are applicable for
the major structures (i.e. viaducts, tunnel, cut and cover)
as well as for the other structures (e.g. box culverts, em-
bankments, slope supports, pavements, landscaping,
river training, etc.) taking place in the motorway system.
Since no sufficient damage data were available at this
site for developing empirical DPM’s and the utilization of
techniques based on theoretical methods is infeasible,
DPM’s used in this study are constructed based on expert
opinion and DPM’s available in the literature for such
structures. Although intensity is not a reliable and objec-
tive measure of the severity of ground shaking, it is used
in this study mainly because earthquake damage to struc-
tures is much better correlated with MMI. MMI scale pro-
vides twelve discrete levels of intensity with increasing
severity. In this study consistent with the expected seis-
mic activity only the levels V to IX are considered.
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In order to estimate damage state probabilities by
making use of the subjective judgment of experts, a ques-
tionnaire was prepared and sent to seven experienced
engineers involved with the design and construction of
the “Bolu Mountain Construction Project”. Each engineer
is asked to fill out the blank DPM tables by writing down
the subjective probabilities reflecting his opinion on the
likelihood of different levels of damage under different
intensities.

Itis to be noted thatin these DPM’s two sets of subjec-
tive damage probabilities, labeled as UC and NUC, are
given. The damage potential for sections under construc-
tion (UC) is expected to be considerably higher com-
pared to those that are either completed or not under
construction (NUC). This difference is taken into consid-
eration by giving two sets of damage state probabilities
under each intensity level. The MDR values of these
seven engineers are averaged to obtain the “best esti-
mate” subjective MDR’s and these are used in the subse-
quent analysis.

In order to crosscheck the subjective MDR’s obtained
in this way and to supplement them, a literature survey
was conducted. A very useful and dependable reference
on this matter is the publications of the Applied Technol-
ogy Council (ATC), namely ATC-13 (1985) and ATC-25
(1991). The ATC-13 report includes background infor-
mation, detailed descriptions of the methodology used to

develop the required damage/ loss estimates and inven-
tory information, and tables and figures showing the
damage/loss estimates developed. Included are damage
probability matrices for 78 different facility types as well
as estimates of time required to restore damaged facili-
ties to their pre-earthquake usability. In Table G.1 of
ATC-13, MDR values are given for different intensity lev-
els based on expert opinion for major bridges, tunnels,
cut and cover tunnels, highway roadways and pave-
ments and earth retaining structures. The values given
in this table correspond to the NUC case.

While ATC-13 provides the MDR’s directly, ATC-25
describes the distribution of expected damage in terms
of fragility curves based on PGA. However, in the case of
bridges and highway tunnels, curves showing the degree
of damage versus intensity are given. From these curves
the MDR values corresponding to different intensity lev-
els are extracted for bridges and highway tunnels.

The MDR’s based on expert opinion and those ob-
tained from ATC-13 (1985) and ATC-25 (1991) are com-
bined and modified to form the “best estimate” MDR’s
corresponding to different intensity levels for the via-
ducts, tunnel, cut and cover and other structures. Here,
because of space limitation only the resulting weighted
average MDR values are given in a tabular form (Table
4). For the details of the computation of these MDR val-
ues the reader is referred to Yilmaz et al. (2003).

Table 4. “Best estimate" MDR values (%) (UC: Under Construction; NUC: Not Under Construction).

S MMI =V MMI = V1 MMI = VII MMI = VI MMI = IX
Ui uc NUC uc NUC uc NUC uc NUC uc NUC
Viaducts 0.003 0 0.014  0.0021 0.66  0.146 3.91 1.02 1526 10.19
Tunnel 0 0 0.81 0.10 179 0325 453 1.16 13.87  5.20

Cut and Cover 0 0 0 0 0.83 0.19 3.26 1.22 1401 572
“Other” Structures 0 0 0 0 0.83 0.25 3.26 1.30 1401  6.03
Viaducts 0.003 0 0.014  0.0021 0.66  0.146 3.91 1.02 1526 10.19

Note: UC=Under Construction; NUC=Not Under Construction

3.3. Computation of expected annual damage ratios

In computing the expected annual damage ratios
(EADR) for the different components of the system, the
best estimate mean damage ratio values (Table 4) and
the seismic hazard values obtained from the time-de-
pendent model (Table 3) are to be used. The seismic haz-
ard is assumed to be the same at the whole site where
the components of the system are located. The resulting
EADR values, computed from Eg. (1), can be interpreted
as the pure risk premiums (PRP) to be charged per an-
num for every one million dollar of insured “property”
and are shown in Table 5. The computations are also car-
ried out based on the seismic hazard values obtained by
using the independent Poisson model (Table 2). These
EADR values are also shown in Table 5. As expected the
memoryless Poisson model yields higher EADR values
(about 3 times more) compared to those obtained from
the time-dependent renewal model for the UC and NUC
cases and for all components of the system. The EADR

values corresponding to the sections of viaduct, tunnel,
cut and cover and other structures that are under con-
struction are respectively, about 2.2, 4.4, 2.8 and 2.5
times higher than the EADR’s estimated for the sections
that are not under construction in both of the seismic
hazard models. This difference in the EADR’s is due to the
fact that during the construction phase, the viaducts, the
tunnel, the cut and cover and the “other” structures will
be more vulnerable to earthquake excitation.

As observed in Table 5 the EADR values (and conse-
quently the premium rates) are sensitive to the assump-
tions on seismic hazard analysis and damage probability
matrices. In the case of seismic hazard analysis, we believe
that the values obtained from the time-dependent model
describe the current level of seismic hazard as well as the
hazard for the next four years more realistically compared
to the independent Poisson process. This is due to the fact
that the Poisson model, because of its memoryless sto-
chastic mechanism, ignores completely the large magni-
tude earthquake that occurred in the region during the
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year 1999, whereas the time-dependent (renewal)
model takes into consideration the past seismic activity.

In view of the above discussion, it was decided to find
a weighted average EADR. In other words, although the
time-dependent model is preferred to the Poisson
model, the more conservative seismic hazard values ob-

tained from the Poisson model are not completely disre-
garded. A weight of 80% is assigned to the EADR’s ob-
tained from the time-dependent (renewal) model and
20% to the EADR’s calculated based on the Poisson
model. The resulting EADR's are called as our “best esti-
mate” values and are also shown in Table 5.

Table 5. “Best estimate” EADR values based on the renewal and Poisson models.

EADR for NUC (106)

EADR for UC (10-9)

System
Component Renewal  Poisson  Best Estimate Renewal  Poisson  Best Estimate
Viaducts 134.11 428.92 193 298.84 954.06 430
Tunnel 127.37 376.58 178 576.59 1591.45 780
Cut and Cover 99.39 320.13 144 276.07 879.10 397
“Other” Structures 113.49 358.52 163 276.07 879.10 397

Note: UC=Under Construction; NUC=Not Under Construction

3.4. Computation of the pure earthquake insurance
premiums

Using the best estimates EADR’s given above and the
insured values (INSV) of the “property”, the pure risk
premium (PRP) values can be computed from Eq. (3). For
this purpose the monetary values given by Astaldi S.p.A.
are taken as the inputs for the insured values and distinc-
tion is made between the work that is completed and

work under construction according to the construction
schedule. The resulting pure risk premium values corre-
sponding to sections under construction (UC) and sec-
tions completed (NUC), as well as the total pure risk pre-
mium values are shown in Table 6 for the viaducts, tun-
nel, cut and cover and “other” structures for each year of
the construction period in US dollars. The sum of the an-
nual pure insurance premiums to be paid during the pe-
riod of 2003-2006 is calculated as 473,811 US dollars.

Table 6. Pure earthquake insurance premium values (in US dollars) for the viaducts, tunnel, cut and cover
and other structures corresponding to the different years of construction.

2003 2004 2005 2006
Viaducts INSV PRP INSV PRP INSV PRP INSV PRP
NUC 35,385,001 6,830 58,608,961 11,312 112,209,953 21,657 170,479,915 32,903
uc 23,223,960 9,987 53,600,992 23,049 58,269,962 25,056 827,498 356
Total PRP 16,817 34,361 46,713 33,259
Tunnel INSV PRP INSV PRP INSV PRP INSV PRP
NUC 127,327,630 22,665 145,012,196 25,813 191,527,234 34,092 241,886,927 43,056
uc 17,684,566 13,794 46,515,038 36,282 50,359,693 39,281 18,252,897 14,238
Total PRP 36,459 62,095 73,373 57,294
Cut And Cover INSV PRP INSV PRP INSV PRP INSV PRP
NUC 0 0 12,867,211 1,853 18,631,805 2,683 18,631,805 2,683
uc 12,867,211 5,109 5,764,595 2,289 0 0 0 0
Total PRP 5,109 4,142 2,683 2,683
“Other” Structures INSV PRP INSV PRP INSV PRP INSV PRP
NUC 108,672,475 17,714 110,358,330 17,989 128,246,419 20,905 138,512,810 22,578
uc 1,685,855 670 17,888,088 7,102 10,266,391 4,076 19,619,379 7,789
Total PRP 18,384 25,091 24,981 30367
Uil e el 76,769 125,689 147,750 123,603
Premium:

Note: INSV=Insured Value; PRP=Pure Risk Premium; NUC=Not Under Construction; UC=Under Construction
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4., Conclusions

Using the best estimate seismic hazard values to-
gether with the best estimate MDR values, the total
earthquake insurance premium for the period of 2003-
2006 is computed as 473,811 US dollars. This amount
corresponds to the pure risk premium, reflecting only
the risk of damage due to earthquakes and has to be in-
creased to account for hidden uncertainties, business ex-
penses and a reasonable profit allowance for the insur-
ance firm. This adjustment can be done by using Eq. (4)
with a load factor, LF = 0.4, yielding to an adjustment fac-
tor of 1.667. With this adjustment, the corresponding
commercially charged earthquake insurance premium
value for the period of 2003-2006 will be: 789,843 US
dollars.

The best estimate EADR values computed in this study
and the resulting earthquake insurance premiums ob-
tained under different assumptions are within our ex-
pectations and are consistent among them. We also em-
phasize on the existence of two favourable factors that
have decreased the seismic risk of the system and conse-
quently the insurance premiums, namely: the upgrading
of the seismic design criteria after the 12 November
1999 Diizce earthquake has reduced the seismic vulner-
ability of the system considerably and also the probabil-
ity of a large magnitude earthquake occurring in the re-
gion during the next four years (construction period) has
decreased significantly due to the energy released by the
12 November 1999 Diizce earthquake (Lettis and Barka,
2000).
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Use of optical fibre technology to measure structural performance
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ABSTRACT

ARTICLE INFO

Structural monitoring using optical fibre technology may be undertaken to establish
the long-term behaviour of structures, components and materials of construction.
Condition monitoring may be used as an aid to repair and strengthening schedules.
The establishment of material durability is also part of the monitoring process. The
paper describes and discusses the application and development of the use of optical
fibres to monitor structures. Examples have been given in which strain, temperature
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and moisture content have been determined for structural elements and materials of

construction. Of particular interest is the use of an optical fibre monitoring system to
determine the performance of an actual bridge, which has been subjected to con-

Bridge maintenance
Durability
Composite construction

trolled loading conditions. The results, which have been described, demonstrate the

enormous potential to monitor structures using optical fibres.

1. Introduction

There has been considerable effort in recent years for
increasing the understanding of the long-term behaviour
of civil engineering and other structures through the use
of advanced monitoring techniques using optical fibre
based instrumentation (Ferdinand et al., 1994; Measures
etal, 1995; Ning et al., 1998; Grattan and Meggitt, 2000a;
Grattan and Meggitt, 2000b; Betz et al., 2002; Maurin et
al.,, 2002).

This paper highlights some of the recent research ac-
tivity conducted at City University in collaboration with
other national and international institutions. This activ-
ity has seen the establishment of monitoring systems for
strain and temperature, which have been deployed in
steel, concrete and composite structures in the labora-
tory and concrete, steel-concrete composite and poly-
mer composite structures in the field.

The existing ability to monitor extensively large struc-
tures has been limited by the available strain sensors
which rely on electrical instrumentation that is time con-
suming to install, requires a large amount of electrical in-
ter-connections, can be difficult to distribute over large
distances and to embed during the construction process.
The quasi-distributed, multiplexed optical fibre sensor

systems developed will provide invaluable information
regarding the stress relief, shrinkage, creep, dead load-
ing, post tensioning and structural degradation mani-
fested by the appearance of cracks, fissures and corro-
sion. Further, it will permit the possibility for monitoring
the static and dynamic loading history thatis essential in
both setting controlled maintenance procedures and
scheduling and for structural design assessment. This
provides a powerful means to determine the service
quality and safety in a continuous fashion, both during
and after construction, throughout the structures life-
time and especially approaching its designed life-span
and following unusual phenomena such as subsidence,
earth-quakes, impact, high wind, fire and flooding to
avoid catastrophic failure.

Considerable attention has been directed towards the
possible application of optical fibres for civil engineering
use. Although a range of possible transducer principles
has been investigated including strain, temperature, ac-
celeration, moisture and various chemicals, the develop-
ment of the in-fibre Bragg grating has provided a step
forward in the potential capabilities of the technology
for large structure monitoring. This and compatible tem-
perature systems has been the basis of research activity
at City University.
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2. Optical Fibre Instrumentation Technology
2.1. Strain measurement

The Bragg grating structure is written as a periodic
variation in the refractive index of a photosensitive fibre
providing a strain and temperature dependent optical
filter. The grating effectively acts as a wavelength spe-
cific mirror whilst allowing all other light to pass almost
perfectly in order to interrogate further gratings if used
in a multiplexed system, Fig. 1.

The grating forms the basis of optical strain measure-
ments, which can be monitored by measuring the
changes in the wavelength spectrum of the reflected op-
tical signal. It allows an absolute measurement that is in-
dependent of potential intensity fluctuations caused by
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light source variation, fibre bending loss or connector at-
tenuation. It is simple and encapsulates all the benefits
of optical fibre technology. This is a major advantage of
Bragg grating sensors for long term monitoring in large
engineering structures where the service lifetime of the
structure is considerable. As passive optical sensing de-
vices, immune to electromagnetic interference, Bragg
gratings encapsulate all the advantages of fibre optic
sensors (Grattan and Meggitt, 2000a). As they are writ-
ten directly into the fibre, they are hence unobtrusive
and small in size (barely visible in Figs. 2 and 3), allowing
easy sensor embedment for smart structure applica-
tions. In addition, several gratings can be written in se-
ries along a single fibre at different wavelengths for
quasi-distributed sensing, a major advantage of the use
of this approach.
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Fig. 1. Schematic representation of operation of FBG based strain instrumentation.

Fig. 2. Installed optical fibre sensors on steel
structure.

2.2. Temperature determination

The prime aim of recent activity is the development of
a fibre-based sensor system for temperature monitoring,
using a technique complementary to the Bragg grating
based system for strain monitoring.

Fig. 3. Strain gauges and optical fibre sensors on failed
concrete specimens.

This would allow the measurement of temperature
during the exothermic process of concrete curing; and
would provide a mechanism to compensate changes in
the strain measurements within a structure caused by
changes in temperature. The method proposed requires
the use of small temperature-sensitive elements of
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doped fluorescent fibre, the fluorescence decay time of
which can be monitored as a function of temperature.
This technique is sensitive over the whole range of tem-
peratures to be measured in the structure (-20 to
+300°C) and utilises the same wavelengths as the strain
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measurement system, to simplify the optical system
used. The signal processing can be constructed using
readily available electronic components, to yield a preci-
sion of #2°C with the probe in-situ. Fig. 4 shows the
probe design.

High temperature
Heat shrink
(~350°C)

Nd**-doped fibre

Fibreglass sleeving
(Tonax = 482°C)

Stainless steel tubing
L.3mny/1.6mm

Fig. 4. Design of optical fibre temperature probe for temperatures up to 350°C, and installed
in a reinforcement cage.

3. Applications

The application of optical fibre sensors to civil engi-
neering structures has been developed and proven
through extensive laboratory testing prior to being im-
plemented on a number of bridges made from a range of
materials including steel, concrete and polymer compo-
sites. Some examples of the work are given.

3.1. Strain and temperature measurements for
concrete beams

A series of tests using reinforced concrete beams was
used to evaluate the durability of the optical fibre sen-
sors exposed to high temperature. The dimensions of the
beams were: length 850 mm, height 85 mm and width 60
mm and were tested using existing apparatus capable of
applying structural loads to failure and thermal loads to
800°C. This work was carried out using the optical fibre
based temperature sensor as well as FBG optical fibre
sensors for strain and temperature, electrical resistance
strain gauges and thermocouples.

Initially the beam was loaded up to approximately
10kN (40% static capacity) atambient temperature, dur-
ing which the temperature of the beam was monitored
using both a K-type thermocouple and an optical fibre
temperature probe. After the initial loading of the con-
crete beam the temperature of the beam was raised in

stages of approximately 100°C, up to a maximum of
300°C, with the beam temperature being allowed to sta-
bilise for each heating stage. Once the beam had stabi-
lised at each of the set temperatures the applied load was
increased back to 10kN. The reduction in the load ap-
plied to the beam during each of the heating stages was
due to expansion of metal components in the test rig.

Some small changes in temperature readings that oc-
curred during the test were accompanied by failure of
two strain gauges mounted on the steel reinforcement of
the concrete beam, indicating that a substantial change
in the beams’ mechanical properties has occurred. Fur-
ther evidence of this fact was indicated when visual in-
spections of the beam upon later removal from the test
rig found flexural cracks of the concrete in the middle
section of the beam allowing more direct and rapid heat-
ing of the area around the sensors.

FBG sensors were also used to measure strain and to
compensate for temperature variations within concrete
beams subjected to structural and thermal loads. Two
FBG sensors were installed in the concrete beam with
one attached to the steel reinforcement and the other in-
serted into a glass capillary in order that it would only be
subjected to thermal variations and was located adjacent
to the first sensor. The strains measured by the FBG sen-
sor on the reinforcement were successfully compen-
sated as indicated by a comparison with the conven-
tional gauges, Fig. 5.
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Fig. 5. Comparison of temperature compensated FBG sensors to strain gauge measurements.

3.2. Durability of concrete cylinders

A programme of work to characterise and catalogue
the effect of damage development in dry and precondi-
tioned concrete cylinders and cubes as a function of ap-
plied load and curing environment was undertaken. The
specimens were cured under four different conditions
and then loaded to a series of pre-defined levels and then
unloaded, sectioned, inspected and the results cata-
logued. The damage behaviour as a function of load and
environment was correlated to the output from the FBG
sensors attached to the cylinders and to ultrasonic pulse
velocities, which is a common method of measuring rel-
ative, in-situ degradation of concrete structures.

The measured ultrasonic pulse velocities indicate
change from approximately 30% of the concrete cube
strength. The changes at this level were within the noise
variations of the system and would only be detectable af-
ter many readings. The method was, therefore, assessed
to be only of use once significantload had been placed on
the specimen.

The data from the FBG sensors was correlated to the
behaviour of concrete cylinders under load before and
after compensating for non-axial loading. This showed
significant difference in the stress- strain behaviour be-
tween the concrete cylinders cured under the different
environmental conditions. The strength of the concrete
under the different curing regimes is as expected based
on the amount of moisture available for concrete hydra-
tion. The specimens cured under control conditions
achieved near design 28 day strengths of 40 N/mm?2 with
the higher humidity levels causing increased strength.

The samples cured in air had reduced strength. There
was a clear change in the stress-strain response between
the specimens, as measured using the optical fibre sen-
sors, which is easily detectable from low level and, there-
fore, significant better than any visual inspection.

3.3. Fatigue tests on concrete beams

A series of tests using reinforced concrete beams were
subjected to dynamic fatigue loading at various load levels
to determine the performance of sensors at low loading
(up to 106 cycles), intermediate and high loading (<1000
cycles). A single FBG optical fibre sensor together with
two electrical resistance strain gauges was used for mon-
itoring the compression strains at the centre of the test
specimens, Fig. 3. The design of the beams is such that fail-
ure will occur by concrete compression at the mid span.

A beam loaded at low levels was seen to steadily in-
crease the strain range response throughout the test until
after 6.5x105 cycles, where it remained steady. The spec-
imen did not fail and the test was halted after 106 cycles.
Specimens that were highly loaded showed rapid degra-
dation of the beam by the continuously increasing strain
range and increasing residual strain within the beam.
Some sudden drop-offs in the signal were caused by the
wavelength of the reflected light from the Bragg falling
outside the range of the detection system indicating the
need to match the Bragg sensor to the requirements.

Fig. 6 shows the number of cycles to failure from nine
concrete beam tests, which have been subjected to vari-
ous load ranges. Two of the specimens did not actually
fail and are highlighted by the dotted lines indicating
when the failure might be expected to occur. Some de-
gree of scatter has occurred in the results, which is at-
tributed to the nature of concrete. When results from the
beam tests unexpectedly occurred, concrete cube tests
were taken but little discrepancy in their results was
ever found. Fig. 6 shows that most of the scattered re-
sults occurred when loaded around 50 to 60% of the
maximum static capacity. The results from this work
have enabled a fatigue curve to be generated for concrete
in compression, although this only applies to one con-
crete specification.
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Fig. 6. Fatigue curve for concrete beam specimens tested.

3.4. The measurement of moisture absorption in
concrete

A fibre-optic based humidity sensor has been devel-
oped and used for the measurement of moisture absorp-
tion in concrete. The sensor was fabricated using a fibre
Bragg grating (FBG) coated with a moisture sensitive
polymer. To investigate the use of this sensing technique
for the detection of moisture ingress in concrete, the sen-
sor was embedded in various concrete samples of differ-
ent water to cement ratios which were then immersed in
a water bath. A direct indication of the humidity level
within a sample is given by the shift of the Bragg wave-
length caused by the expansion of the humidity-sensitive
material coated on the fibre. The sensor itself exploits
the inherent characteristics of the FBG, with its opera-
tion being based on the strain effectinduced in the Bragg
grating, through the swelling of the polymer coating.

It was found that optical fibre based humidity sensors
of this type form a basis for determining the changes in
the moisture content in different concrete samples, indi-
cating potential new applications of the sensor system to
ensure the integrity of civil engineering structures in
which they are used.

Due to the nature of concrete structures and their ex-
posed environmental conditions (e.g. a bridge), corro-
sion can occur internally without this being evident from
the outside. This is often due to the ingress of water cor-
roding the reinforcements, which is hastened by the salts
and chlorides dissolved in it. Concrete itself is made up
by simply mixing cement, aggregate and water together,
but its properties and strength reside in the specifics of
the quantities used and the way that it is cured. The du-
rability of concrete however lies in its ability to withstand
the process of deterioration to which it is exposed. This
may be due to both chemical attack and the repeated
‘freeze-thaw’ effects of water absorbed into the concrete.

There are three principal fluids that can enter and
damage the concrete: water (pure or carrying chemicals)
carbon dioxide and oxygen. They travel through the con-
crete primarily via the hydrated cement. The permeabil-
ity is defined as the ease with which a fluid flows due to

the pressure differential while the porosity is a measure
of the proportion of the total volume of concrete occu-
pied by pores formed in the structure. If the porosity is
high and the pores are interconnected, the permeability
will also be high. There can however, also be diffusion
and sorption of the concrete.

As tests for permeability of concrete have not been
standardized, the permeability values quoted from dif-
ferent sources may not be readily comparable. The con-
ditioning of concrete in service is nearly impossible as
there is no generally accepted method, but this does not
detract from the need to perform effective monitoring,
and work undertaken here addresses this issue.

The humidity sensor scheme used in this work is
based on an expansion principle, using a fibre Bragg
grating (FBG). The influence of humidity on a polymer-
coated FBG was first discussed by Giacarri et al. (2001),
and the technique described for humidity detection was
further explored by various authors (Laylor et al.,, 2002;
Yeo etal., 2005). In summary, the humidity sensor is cre-
ated by coating an optical fibre containing an FBG with a
moisture-sensitive polymer that absorbs the moisture
present, causing it to swell. This swelling effectively
stretches the fibre and thereby causes a strain in the FBG
contained with it. This consequently changes the wave-
length of the reflected signal of the FBG which can be
monitored using an optical spectrum analyser or any
other similar wavelength-based interrogation tech-
nique. Different chemical coatings will have different re-
sponse to humidity change. Polyimide was used as the
coating material as a linear response is preferred.

In use, samples of concrete with a humidity sensor
embedded inside were placed in water and the rate of
water absorption was measured from the rate of the hu-
midity change resulting in the concrete.

Due to the fragile nature of the fibre into which the
sensitive FBG was written and the need to use it as a
probe, it was appropriate to find a way to protect the
sensor from damage in use in the concrete specimens ex-
amined. It was found to be best achieved by using a thin
metal tube to cover the sensor and having holes drilled
along each side to allow the free circulation of fluids. This
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was fixed to the sensor using epoxy resin. The probes
constructed could also require temperature compensa-
tion in some applications, and this could be done by
monitoring the temperature (e.g. using the approach of
previous work by some of the authors (Pal et al., 2004)
and applying a correction, as required, for temperature
changes. However, the tests reported in this study were
carried out in a water bath, at controlled temperatures,
to minimize the need for correction and maintain com-
parable conditions for the different concrete samples
evaluated.

Standardized cylindrical samples of concrete were
made with a diameter of 100 mm and depth 100 mm
(Fig. 7(a)). They were cast with a 4 mm diameter hole at
the centre, with a depth of 80 mm into which the sensor
could be placed. The mix was manufactured using ordi-
nary Portland cement (OPC) CEM-I 42.5 conforming to
BS EN 197 Part 1 (BS EN 197-1:2000) manufactured by
Lafarge (previously Blue Circle Cement Ltd.). The mix
designs of the specimens were based on the guidelines
from the BRE (Building Research Establishment) in the

UK (BR106:1988) and have a mix proportion ratio of
1:2:2 for cement, fine and coarse aggregate. Sharp sand
with a maximum coarse size of 5 mm was used as the fine
aggregate and river gravel with a maximum coarse size
of 10 mm was used as the coarse aggregate. To allow for
different response time in saturating a specimen, three
different mixes were made, with water/cement (w/c)
ratios of 0.5, 0.6 and 0.7 respectively. The concrete cylin-
ders were removed from their casts after a period of 24
hours, after which they were left to cure in a water tank
for 28 days at ~20°C and finally, removed and left to dry
under laboratory conditions with an average tempera-
ture of 16°C for approximately one month.

To obtain comparative data, concrete cubes of dimen-
sions 100 mm x 100 mm x 100 mm were cast from each
mix to determine the average mix strength. Four cubes
from each mix were cast and their compressive
strengths after 28 days were measured using a compres-
sion test machine. Data from this test are shown in Table
1. For each test, a sample was set up with the probe
placed in the centre of the concrete cylinder (Fig. 7(b)).

Water-proof
sealant layer

(

FBG RH Sensor

\

Water Bath

/

TTTT

—— Concrete Sample

(b)

Fig. 7. a) Standardized cylindrical concrete samples of different water/cement ratio.
b) Schematic of a concrete sample with a RH sensor in the water bath.

Table 1. Compressive strength of the concrete samples of different water/cement ratios.

Mixture Compressive Strength
. Sample Average
(Water/Cement Ratio) (N/mm?)
0.5 a 36.4
0.5 b 36.9
36.5
0.5 c 36.5
0.5 d 37.3
0.6 a 25.6
0.6 b 27.7
26.9
0.6 c 27.1
0.6 d 27.3
0.7 a 14.1
0.7 b 14.3
14.4
0.7 c 14.8
0.7 d 14.3
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Results for a series of humidity measurements, which
show the response of the same sensor to different sam-
ples (pre-conditioned at different temperature and dry-
ing duration) when immersed in water bath, are shown
in Figs. 8-11. This investigation of the concrete samples,
through tests with the probe itself was carried out to de-
termine its reaction to the change of moisture content
within the concrete.

In summary, it can be clearly seen that from this la-
boratory study, fibre optic based humidity sensors can
be used effectively to monitor moisture changes in con-
crete. It has been shown through the data produced us-
ing several different concrete samples subjected to wa-
ter ingress that concrete can be monitored effectively in
this way.

3.5. Bridge monitoring using an optical fibre
monitoring system

Mjosundet Bridge is located in Aure, about 50 kilome-
tres north of Kristiansund on the west coast of Norway
and in the County of More and Romsdal. The bridge is a
five span continuous composite bridge, Figs. 12 and 13.
[t is practically symmetrical with two end spans of 41m,
two intermediate spans of 82m and a centre span of 100m
giving a total length of 346m. Both ends are supported
on concrete abutments with bearings providing free
movement in the horizontal direction. Piles support the
two central columns (axis 3 and 4) and the intermediate
columns are founded directly on to rock. All connections
between the bridge deck and columns are monolithic.
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Fig. 8. Sample with w/c ratio of 0.6, oven dried at 80°C for 24 hours.
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Fig. 9. Sample with w/c ratio of 0.7, oven dried at 80°C for 24 hours.
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Fig. 11. Sample with w/c ratio of 0.7, oven dried at 95°C for 48 hours.

The deck is made of concrete, fixed with shear con-
nectors to the top flanges of the steel box. The concrete
deck is approximately 9.1 m wide and 0.3-0.4 meters
thick, while the steel box varies in height from about 2.5
meters to about 4.2 meters (Fig. 14). The bottom plate,
webs and flanges of the steel box all have various thick-
nesses (14-60 mm). The concrete deck is not visible in-
side the box-girder as it was cast on corrugated plate
permanent formwork, supported on the steel flanges.

The construction of a model of Mjosundet with a sec-
tion scale of one-fifth and length scale of one- twentieth
has been completed, Fig. 15. For the purpose of the la-
boratory model, only the spans between sections 3 and
5 of Mjosundet were modeled. These are the central and
one adjacent side spans, with the central span being the
longest. This structure was successfully used to test and

implement the hardware and software for the acquisition
of data. The structure was tested under a series of static
and cyclic load tests within the elastic range to strain lev-
els equivalent to those expected from the field trial.

It was considered important to provide a comparison
with existing strain measuring techniques with more re-
cently developed of optical fibre monitoring techniques.
Two systems were, therefore, assembled that would run
as a single unit during the field trial tests. The first sys-
tem was an electrical (ERSG) system used to monitor the

strain gauges that were attached to the structure. The
second system was the optical fibre based fibre Bragg
grating (FBG) system, which had been specifically devel-
oped to be capable of monitoring up to 100 sensors. In
order to provide further information for the strain meas-
urements, a separate finite element study was conducted.
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Fig. 15. Large-scale bridge model in laboratory at City University.

The bridge was instrumented on two cross sections
with electrical resistance strain gauges (ERSG’s) and fi-
bre optic Bragg grating sensors (FBG’s). The placement
of the instrumentation was determined by a finite ele-
ment analysis in order to provide guidance to the most
effective positions. These positions were determined as
having the highest strains within the steel structure,
which would then be used within a fatigue analysis. This
was a primary objective of the research, rather than aim-
ing to describe the performance of the whole structure.
Three locations at each section within the structure were
monitored in order to assess the bending strains at the
centre of the bridge and the shear strains close to one of
the supports of the middle span of the bridge. The three
monitored locations near the support were placed 0.5,
1.0 and 1.5 m measured up from the lower flange. The
remaining three monitored locations were placed at cen-
tre of the bridge with two being on the bottom flange (0.4
m and 0.8 m from the web) of the bridge and the other
placed at the lower edge of the web, 0.22 m up from the
flange. The arrangement of the instrumentation was
such that an ERSG could be used to verify the measure-
ments of a corresponding FBG and to calibrate the finite
element model. The remaining FBG’s would then be as-
sessed using the finite element model. The duplication of
sensors at any position on the structure was conducted
in order that the repeatability of any sensor measure-
ments could be determined as well as providing redun-
dancy within the data set.

Field trial testing was conducted on three individual
occasions, together with continuous monitoring be-
tween each test. Each of the individual field trials con-
sisted of a number of static and dynamic tests where the
structure was subjected to loads from a number of
parked or moving vehicles, respectively. The static tests
consisted of three loading states where the structure
was subjected to maximum sagging and hogging mo-
ments and maximum shear forces up to the design load
levels. A series of discrete load and no-load events al-
lowed data to be recorded continuously for the test and
easily processed afterwards. During the dynamic tests,
the vehicle was driven across the structure at a steady

velocity. A number of these tests also involved the vehi-
cle being driven over a plank in order to induce shock
vibrations and, hence record data during natural fre-
quency oscillations.

4. Comparison of Theoretical and Acquired Data

Fig. 16 shows a comparison of data acquired from
both measurement systems with that obtained from the
finite element analysis. A comparison is made for one
load case and each figure represents the longitudinally
aligned sensors from one of the monitored cross sections.

From Fig. 16, itis clear to see the bending of the struc-
ture with the neutral axis located approximately 2.5 m to
2.75 m above the lower flange of the structure. The data
from the two measuring systems agree well with each
other, which are slightly underestimated by the finite el-
ement analysis. However, since the gradients of these
lines are equivalent it has been assumed that this differ-
ence is due to an axial force in the structure during the
load test caused by fixture of the deck between the col-
umns. The difference in the data is none the less very
similar.
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Fig. 16. Comparison of data at support location
(high shear loads).
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5. Conclusions

FBG and fluorescence-decay optical fibre based sen-
sor systems have been developed and assessed for the
monitoring the structural integrity of civil engineering
structures. The development of suitable surface and em-
bedment techniques and protection systems for using
optical fibre sensors in the field has been developed and
validated using concrete cylinder and reinforced con-
crete beam tests. The sensors have been subjected to
static, fatigue and thermal loading within reinforced con-
crete test structures and have shown excellent results
throughout. The sensors attached directly to structures
have correctly measured strain and temperature to +1 mi-
crostrain and *2° centigrade, respectively and dynamic
strains of approximately 3000 microstrain whilst moni-
toring fatigue loading of reinforced concrete beams. The
sensors have also monitored the stress-strain response
of concrete specimens subjected to various environmen-
tal conditions. The results achieved indicate that the op-
tical fibre probes are robust and can withstand large and
sudden changes in the load applied to the test structure.

A particular interesting development has been the appli-
cation to the measurement of moisture ingress in to con-
crete. This is the mechanism of chloride attack and a probe
has been developed to develop humidity change in concrete.

The successful application of FBG sensors for moni-
toring the short and long term loading of bridge struc-
tures has been conducted with continuous data being
recorded for a period of 17 months in one application.

The amount of data acquired during the course of this
programme has been enormous and it would be impos-
sible to present all of it here. It is, however, possible to
summarise the data. A comparison between the two
types of sensor system (ERSG and OFS) was used to as-
sess the performance of the optical fibre based monitor-
ing techniques.

For sensed locations on the field trial structure where
there were ERSG and OFS sensors at the same location (a
total of 10 sensor points), a comparison between the two
types of sensor was possible with the following results:
e 1.2pe average difference between ERSG & OFS for 10
sensors over 4 tests.

e 11.9ue standard deviation of difference for same sam-
pling batch.

Similarly, a comparison of all of the sensors from two
field trial tests conducted 13 months apart is possible af-
ter factoring the data to account for differences in the
load levels, which shows:

e 7.2ue average change for 28 OFS sensors over the 2
tests conducted 13 months apart.

e 18.8ue standard deviation of the change for same
sampling batch.

e -4.3ue average change for 8 ERSG sensors over the 2
tests conducted 13 months apart.

e 7.6ue standard deviation of the change for same sam-
pling batch.

The use of optical fibre based technologies within civil
engineering has been proven to be of use for further in-
vestigations. Sensors are currently being developed to
measure the ingress of moisture and chlorides into con-
crete structures that can ultimately lead to an increased

understanding of the behaviour of the materials in-
volved and their resistance to chemical attack. Sensors
are also being used to determine the effectiveness of re-
pairs for concrete structures and members.

Acknowledgements

The funding for this activity has been through several
European and national research programmes from the
European Commission and EPSRC funding bodies. The
research has been conducted in collaboration with the
following institutions:

e (City University - Electrical, Electronic and Infor-
mation Engineering, EM Technology (UK).

e Cranfield University (UK), University of Kent (UK),
Norwegian Public Roads Authority.

e Oceanographic Company of Norway (OCEANOR),
ACREO AB (SE) and ETANE S.A. (GR).

REFERENCES

Betz D, Staudigel L, Trutzel MN , Schmuecker M, Huelsmann E, Czernay
U (2002). Test of a fibre Bragg grating sensor network for commer-
cial aircraft structures. Conference Proceedings Optical Fibre Sen-
sors (OFS 15), Portland USA, 55-58.

BR106 (1988). Building research establishment report. Design of nor-
mal concrete mixes. Revised Ed.

BSEN 197-1 (2000). Cement composition, specifications and conform-
ity criteria for common cements.

Ferdinand P, Ferragu O, Lechien JL, Lescop B, Marty V, Rougeault VS,
Pierre G, Renouf C, Jarret B, Kotrotsios G, Neuman V, Depeursings Y,
Michel B, Uffelen MV, Verbandt Y, Voet MRH, Toscano D (1994).
Mine operating accurate stability control with optical fibre sensing
and Bragg grating technology. The Brite Euram Stabilis Project Pro-
ceedings, SPIE 2360, 162-166.

Giaccari P, Limberger HG, Kronenberg P (2001). Influence of humidity
and temperature on polyimide-coated fiber Bragg gratings. Pro-
ceedings Tends in Optics and Photonics Series: Bragg gratings, pho-
tosensitivity, and poling in glass waveguides, 61, BFB2.

Grattan KTV, Meggitt BT (2000). Optical Fibre Sensor Technology Fun-
damentals. Kluwer Academic Publishers, Dordrecht, Netherlands.

Grattan KTV, Meggitt BT (2000). Optical Fibre Sensor Technology Ad-
vanced Applications-Bragg Gratings and Distributed Sensors. Kluwer
Academic Publishers, Dordrecht, Netherlands.

Laylor M, Calvert S, Taylor T, Schulz W, Lumsden R, Udd E (2002). Fiber
optic grating moisture and humidity sensors. Proceedings Smart
Structures and Materials: Smart Sensor Technology and Measure-
ment System, 4694, 210-217.

Maurin L, Boussoir ], Rougeault S, Bugaud M, Ferdinand P (2002). FBG-
based smart composite bogies for railway applications. Conference
proceedings optical fibre sensors (OFS 15), Portland USA, 91-94.

Measures RM, Alavie AT, Maaskant R, Ohn M, Karr S, Huang S (1995). A
structurally integrated Bragg grating laser sensing system for car-
bon fibre prestressed concrete highway bridge. Smart Materials
and Structure, 4, 20-30.

Ning YN, Meldrum A, Shi W], Meggitt BT, Palmer AW, Grattan KTV, Li L
(1998). Bragg grating sensing instrument using a tunable Fabry-
Perot filter to detect wavelength variations. Measurement Science
Technology, 9, 599-606.

Pal S, Sun T, Grattan KTV, Wade SA, Collins SF, Baxter GW, Dussardier
B, Monnom G (2004). Strain-independent temperature measure-
ment using a type-I and type-1IA optical fiber Bragg grating combi-
nation. Review of Scientific Instruments, 75,1327-1331.

Yeo TL, Sun T, Grattan KTV, Parry D, Lade R, Powell BD (2005). Poly-
mer-coated fiber Bragg grating for relative humidity sensing. IEEE
Sensors Journal, 5,1082-1089.



CHALLENGE JOURNAL OF STRUCTURAL MECHANICS 1 (2) (2015) 59-64

Shear strain related non-linear stochastic dynamic analysis of

rock-fill dams

Kemal Haciefendioglu ?, Mehmet Akkése P*, Alemdar Bayraktar®, Ali Aydin Dumanoglu

* Department of Civil Engineering, Ondokuz May1s University, 55139 Samsun, Turkey

> Department of Civil Engineering, Karadeniz Technical University, 61080 Trabzon, Turkey

¢ Department of Civil Engineering, Canik Bagari University, 55080 Samsun, Turkey

ABSTRACT

ARTICLE INFO

The effect of the non-linear material behavior of a rock-fill dam subjected to random
loads is investigated by the equivalent linear method that considers the non-linear
variation of soil shear moduli and damping ratios as a function of shear strain. The
Keban dam constructed in Elazig, Turkey is chosen as a numerical example. The in-
teraction of the rock-fill dam with the reservoir is neglected, but not the foundation
rock. The properties of the dam materials were taken from the dam project and as-
sumed to be isotropic in the analysis. A stationary and ergodicity assumption are
made for stochastic dynamic analysis. The E-W component of the Erzincan earth-
quake recorded on March 13, 1992, Erzincan, Turkey is chosen as a ground motion
since it occurred nearby the dam site. The component considered is applied to the
dam in the horizontal direction. The non-linear stochastic responses of the Keban
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dam are compared to its linear stochastic and deterministic response.

1. Introduction

Rock-fill dams are constructed for various purposes
such as irrigation, energy production, flood control and
recreation. A serious damage on these dams has been not
recorded in the literature due to an earthquake ground
motion. Accordingly, it can be said that rock-fill dams are
highly resistant to seismic loads. The satisfactory seismic
behaviour of these dams is due to the capacity of the
rock-fill body.

Gazetas and Dakoulas (1992) have presented
comprehensive reviews on theoretical methods for
estimating the dynamic response and the performance
of earth and rock-fill dams subjected to strong
earthquake ground motions. Several factors such as
liquefaction effects, non-linear material behaviour, and
permanent deformations affect the dynamic response of
earth and rock-fill dams during the earthquakes. Linear
and non-linear earthquake responses of earth and rock-
fill dams including these factors were carried out by
many researchers (Seed, 1979; Sayed and Abdel-Ghaffar,
1992; Khoei et al., 2004).

The highly non-linear and hysteretic material behav-
iour may considerably affect the seismic response of
rock-fill dams. Traditionally, an equivalent linear
method is used to determine the non-linear response of
rock-fill dams to earthquakes. Seed and Idriss (1969)
used the equivalent linear method to incorporate the ob-
served strain-dependent non-linear behaviour of soils.
Vrymoed (1981) studied the dynamic analysis of a dam
by using the equivalent linear method. Mejia et al. (1982)
used the same method for the three-dimensional dy-
namic analysis of earth dams. These studies were
performed by using the deterministic methods.

Because of the randomness of earthquake ground mo-
tions, the researchers have started to use the random vi-
bration theory for estimating the dynamic response of
embankment dams. Singh and Khatua (1978) reported
probabilistic techniques in assessing the seismic stabil-
ity of earth dams. Gazetas et al. (1982) developed a new
random vibration procedure to estimate the statistics of
the non-linear hysteretic response of earth dams mod-
elled as inhomogeneous shear slices and excited by
strong motions consisting of vertical shear waves.
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In recent years, the stochastic seismic responses of
earth dams have also been investigated by only a limited
number of researchers (Mellah et al., 2000; Chen and
Harichandran, 2001; Haciefendioglu, 2006). However, it
can be seen from the literature review that a few works
on stochastic response of rock-fill dams to earthquake
ground motion have been studied. Therefore, the
objective of this study is to determine the non-linear
seismic response of the Keban dam, which is a rock-fill
dam, to random ground motions using the finite element
method.

2. Simple Method for Non-linear Response

In this study, equivalent linear method is used in an
iterative way for stochastic analysis in which non-linear
material behavior is considered. Strain properties of the
materials in each finite element are defined by a shear
modulus and an equivalent damping ratio which depends
on the shear strain. By considering low-strain (10-4%),
initial values of the shear modulus and the damping ratio
are taken into consideration for each element. With
given values of the shear modulus and the damping ratio,
a linear elastic analysis is performed to determine the
stochastic dynamic response. An effective strain, which
is usually considered as the maximum value for the sto-
chastic analysis, is computed in each finite element. It is
noted that, in establishing the effective strain, it is not
necessary to resort to arbitrary scaling of the computed
strain values as in the deterministic methods where a
strain reduction factor on the computed value of strain
is applied. That s, the effective strain is used as the mean
value of the random process describing the maximum
value of the strain. Then the moduli and the damping ra-
tios are selected for the computed effective strain and
used for the next iteration (Gazetas et al., 1982). This
procedure is repeated until the differences of the moduli
and the damping ratios between two iterations are very
small. The response value obtained at the last iteration
is considered as the true nonlinear response.

The maximum dynamic shear modulus of cohesion-
less materials, Gmay, is computed by using the following
expression (Seed and Idriss, 1970)

Gnax = 1000(K2)max(0m)1/2 , (1)

where 0,,, is mean stress. Values of (K;)pnq, determined
by laboratory tests have been found to vary from 150 to
about 250 for compacted gravels and rock-fill. Experi-
mental data from the literature on the shear strain de-
pendent moduli and damping for rock-fill materials are
depicted in Fig. 1(a) (Seed et al., 1986). The shear modu-
lus values for saturated cohesive soils have been found
to vary with the undrained shear strength level as

G = 2000s,, (2)

where s, =c+o0,tan¢ is the undrained shear
strength, c is the cohesion factor and ¢ is the angle of in-
ternal friction. The variations of the shear modulus and
the damping ratios with shear strain for clay material is

presented in Fig. 1(b) (Sun et al., 1988; Idriss, 1990). Fi-
nally, the variations of the shear modulus and the damp-
ing ratios with shear strain for rock material is shown in
Fig. 1(c) (Schnabel et al.,, 1972).

3. Formulation of Stochastic Analysis

An acceleration-time history of ground motion rec-
orded at one point is used as seismic input in the deter-
ministic method. In the stochastic method, however, rec-
orded ground motions appropriate to the site are char-
acterized by statistically. Since the ground motion
caused by seismic disturbance is random, the best way
to characterize the random excitation statistically is to
employ a power density function and autocorrelation
function. So, the stochastic parameters describing the
seismic output can be determined from the power spec-
tral density function of the seismic input.

In this study, a stationary assumption where the sta-
tistical parameters are independent of time is made for
stochastic analysis. Besides, the ergodicity assumption is
made to use only one earthquake record.

If a single ground acceleration record is used for the
input, the cross power spectral density function, S;;(w),
can be determined by using the equation of motion of the
system by the following equation (Dumanoglu and Sev-
ern, 1990).

Sij (@) = Sin (@) 2oy 2oy Wi js Hi () Hi (@) (3)

where w is the frequency; H(w) is the frequency re-
sponse function; S;,(w) is the power spectral density
function of the ground motion; NVis the number of modes
which are considered to contribute to the response; y;,
is the contribution of the rth mode to U; (t) displacement
and * denotes the complex conjugate. The expected max-
imum value (u) is the mean value of all maximum values
and can be expressed as

u=p2, 4)

where p is the peak factor and 4, is the initial spectral
moment (Der Kiureghian, 1980).

4. Numerical Example

In this study, the Keban dam constructed in Elazig,
Turkey is chosen as a numerical example to investigate
the non-linear stochastic response of rock-fill dams by
the finite element method. The finite element mesh of
the dam is shown in Fig. 2.

The Keban dam is 163 m high from riverbed. The crest
has a length of 1097 m. The main purpose of the dam is
to regulate river flow and supply energy. In the finite
element mesh of the dam, there are 326 nodes and 286
quadrilateral elements. The dam is treated as a plane
strain problem. The interaction of the rock-fill dams with
the reservoir has generally neglected (Priscu et al.,
1985). Therefore, the interaction with the reservoir is
accordingly ignored, but not the foundation rock.
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Materials in the dam section can be grouped in three
main categories: the impervious clay core (material
number 1) flanked by transition filters, a concrete core
(material number 2) at the bottom of the dam and the
compacted rock-fill (material number 3) placed at
various lifts. The properties of these materials taken
from the dam project are as follows: For the impervious
clay core, mass density p=2089.70 kg/m3, and Poisson’s
ratio 1=0.45; for the concrete core, mass density
p=2446.48 kg/m3, and Poisson’s ratio »=0.15. The elas-
ticity modulus, mass density and Poisson’s ratio of the
foundation rock are taken as 1.379x101° N/m?, 2689.09
kg/m3, and 0.24, respectively. The cohesion constant is
15 kN/m? and the angle of friction is equal to 20° for the
saturated clay core. (K,)q, factor is given as 170 at
small-strains for the dynamic modulus coefficient of the
gravel material. Maximum shear modulus for the central
core is calculated depending on the G/sy ratio. To
evaluate the small-strain shear modulus of the core
material, the average ratio Gmax/su is taken as 2000. The
initial damping value is selected as 5% for the non-linear
stochastic response analysis of the rock-fill dam.

The E-W component of the Erzincan earthquake
recorded on March 13, 1992, Erzincan, Turkey is chosen
as ground motion since it occurred nearby the dam site.
The component is applied to the dam in the upstream-
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downstream direction. The power spectral density
(PSD) function of the Erzincan earthquake is determined
with the Fourier transforms of the autocorrelation
function. Fig. 3 shows the E-W component of the
Erzincan Earthquake and its power spectral density
function. The calculated intensity parameter value is
S50=0.00593 m?/s3. Filter parameter values proposed by
Der Kiureghian and Neuenhofer (1991) are utilized as
wg=10.0 rad/s, &=0.4, w=1.0 rad/s, and é=0.4.

In this paper, the dynamic response of the Keban dam
subjected to the Erzincan earthquake is also obtained by
the deterministic method. The linear and non-linear
results obtained from the stochastic analysis and the
linear results obtained from the deterministic analysis
are compared to each other. The dynamic responses of
the Keban dam are calculated for a time interval of
0.00225 sec.

In clay core, the initial shear moduli and shear moduli
obtained from the non-linear analysis are shown in Fig.
4. As shown in Fig. 4, the shear moduli obtained from the
non-linear analysis are smaller than the initial shear
modulus. Fig. 4 shows also the variation of shear strain
with the height of the dam. It is seen from Fig. 4 that the
shear strain values obtained from the non-linear analysis
inrease with the height of the dam as well as the initial
shear strain used for the linear analysis (value (%)=10-4).
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Fig. 3. a) The E-W component of the Erzincan earthquake recorded on March 13, 1992, Erzincan, Turkey and
b) its power spectral density (PSD) function.
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4.1. Displacements

Mean of maximum values of displacements are
calculated from the stochastic dynamic analyses while
the absolute maximum values of displacements are
obtained from deterministic dynamic analysis.
Horizontal displacements at the marked nodes on line 1
(nodes along the core of the dam in Fig. 2) obtained from
the deterministic analysis (for linear material behavior)
and the stochastic analyses (for linear and non-linear
material behaviors) of the Keban dam are plotted in Fig.
5. It is seen from Fig. 5 that the expected maximum
values of horizontal displacements obtained from the
stochastic analyses are smaller than the absolute
maximum horizontal displacements obtained from the
deterministic analysis. In addition, the non-linear
displacements are smaller than linear displacements for
stochastic analysis.

& - A- A Deterministic (Linear)
G—6e—6 Stochastic (Linear)
B—=— Stochastic (Non-Linear)

Height (m)

0.00 0.06 0.12
Displacement (m)

Fig. 5. Horizontal displacements at the marked nodes

4.2. Stresses

The stress components, which are obtained from the
stochastic and deterministic dynamic analyses, are also
compared with each other. The stress values are
calculated at the middle points of the elements.
Horizontal, vertical and shear stress components on
sections [-I are compared in Figs. 6-8 while those on
section II-II are compared in Fig. 9. It can be seen from
Figs. 6-9 that the expected maximum values of all stress
components for stochastic analyses (for linear and non-
linear material behaviors) are smaller than the absolute
maximum stresses for the deterministic analysis (for
linear material behavior).

5. Conclusions

Non-linear material behavior of the Keban dam,
which is a rock-fill dam, subjected to random loads is in-
vestigated by the equivalent linear method which con-
siders the non-linear variation of soil shear moduli and
damping ratios as a function of shear strain.

It is observed that for the non-linear displacement
and stress responses obtained from the stochastic anal-
ysis are smaller than the linear responses obtained from
the stochastic and deterministic analyses. In addition, all
displacement and stress results obtained from deter-
ministic analysis are greater than the mean of maximum
values obtained from stochastic analyses.

Because the mean of maximum values obtained from
stochastic analyses is calculated by averaging all the
maximum response values, it should be expected that
the absolute maximum values obtained from determin-
istic analysis would be greater than the mean of

on line 1. maximum values.
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Fig. 6. Horizontal stresses (gyy) on section I-I of the Keban dam.
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ARTICLE INFO

A lateral load carrying system consisting of only shear walls is used generally for
structures having 14 storeys or more. It can be seen that the effect of earthquakes in
the systems consisting of the shear walls or shear walls-core are very small. For re-
sisting earthquake effects it is proposed to construct shear walls which are perpen-
dicular to each other in plan and having the cross sectional area 1.5% of the building.
Unfortunately in this proposal, the effect of number of storeys and the division of
shear wall area to the necessary parts is not taken into consideration. In this paper,
these factors are considered as, number of storeys, plan area of a storey, earthquake
risk zone, material properties and shear wall thickness. The criteria for determina-
tion of the dimensions of earthquake shear walls which are suitable for architectural
considerations of the building are given. For various storey areas and 10 storeys, the
lengths of shear walls which ensure the suggested criteria, having the same length
are given in diagrams. It is also shown how to find the length of shear walls under the
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same conditions if there are more than 10 storeys.

1. Introduction

In our country, itis preferred to build structures both
under horizontal and vertical loadings by the use of
frame systems, till 6 storeys in the first earthquake risk
zone and 7 storeys in the second earthquake risk zone.
In frame systems, because of the reasons of more sto-
reys, greater cross-section areas for beams and columns
especially at the lower storeys or large relative displace-
ments between the storeys lead to build the frame struc-
ture with shear walls. The obligation of using lifts in
buildings having 6 storeys or more leads a lift-house in
the means of core. A lateral load carrying system consist-
ing of only shear walls is used generally for structures
having 14 storeys or more (ATC22, 1989; Tarenath,
1988; Wakabayashi, 1988; Paulay and Priestley, 1992;
0Ozden and Kumbasar, 1993; Celep and Kumbasar, 2004).
However, in these systems, for limiting the thickness of
the slabs, some of the vertical loads can be transferred to
foundations by the use of columns which do not carry
horizontal loads if needed. From the observations made

in the earthquake regions after an earthquake event,
large damages can be seen in frame system structures
having 4-8 storeys, frame-shear wall (+core) system
structures having 7-13 storeys (Fintel, 1991).

The main reasons of the earthquake damages are not
applying the codes in the design and construction of the
structures such as; a) not obeying the constructive rules
for reinforcement lay-out in beam-column or beam-
shear wall joints (such as development length, stirrups,
etc.), and less shear capacity than bending capacity in
these zones, b) the occurrence of plastic hinges on col-
umns before beams, c) neglecting of the torsional effects
in calculations, d) unassured ductile system, e) struc-
tural irregularities, f) less concrete strength usage than
design strength, g) not taking into account of foundation
soil properties while calculating the earthquake forces,
h) unsuitable foundation system.

It can be seen that the effects of earthquakes in the
systems consisting of the shear walls or shear walls-core
are very small. This is confirmed in a detailed manner by
Fintel (1991) and although the behaviour of systems
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consisting of shear walls having diagonal cracks after an
earthquake have some points which are necessary to in-
vestigate, these systems are the best solutions for earth-
quake resistance (Altin, 1989; Fintel, 1991). This prop-
erty of shear walls is also seen by Ersoy (1993) and pro-
posed to construct shear walls which are perpendicular
to each other in plan and having the cross sectional area
1.5% with respect to building area for earthquake effects
(Ersoy, 1993). Unfortunately, in this proposal, the effect
of number of storeys and the division of shear wall area
to the necessary parts is not taken into consideration.

In this paper, these factors are considered as; a) num-
ber of storeys, b) plan area of a storey, c) earthquake risk
zone, d) material properties, e) selected shear wall thick-
ness, f) the criteria for determination of the dimensions
of earthquake shear walls. Constructed buildings having
different storey areas and storey weights are considered
and by the use of TS498 (2000) and TNC (2000), the av-
erage weight for percent area is determined for single
storey. Then, the total shear force, the overturning mo-
ment, the minimum and maximum values of axial forces
of the shear walls at the basement and the top force V:
are calculated for the buildings having number of storeys
from 2 to 10 and A, storey areas from 100 m2 to 800 m2.
The criteria for determination of the dimensions of
earthquake shear walls which are suitable for architec-
tural configurations of the building are given. For storey
areas Ap, from 800 m2 to 100 m? and number of storeys
n=10, the lengths of shear walls are given which ensure
the criteria, having the number of shear walls ny=3-10
with the same length in part 4. It is also shown how to
find the length of shear walls under the same conditions
if there are more than 10 storeys. Numerical examples
are given and the results are listed in conclusion part.

2. Average Vertical and Horizontal Loads

Observations made on the constructed buildings hav-
ing various storey heights, storey areas and usage (such
as houses, offices) show that the average uniform verti-
cal load of a storey can be accepted as m=12 kN/mZ2. In
the present paper, the behaviour of the slabs of struc-
tures made of shear walls is taken as flat-slabs with the
thickness of 200 mm. The total weight of the building
over the foundation can be evaluated as

W =NmA,, (D

where N is the number of storeys and A4, is the storey
area. The total vertical force summation of the shear
walls W, above the foundations is about 50, 75 and
100% of the total building weight W. Different values of
percentage is taken into account for shear wall system
and for shear wall-frame system, separately, like;

W, = 0.75W = 0.90N4, , W, = 1.00W = 1.20NA,,, (2)

W, = 0.50W = 0.60N4, , W, = 0.75W = 0.90NA,, . (3)

The calculation of the horizontal loads is made ac-
cording to TNC, 2007. Total shear force just above the
foundation V: can be written together with Eq. (2).

V, = WA(T,)/R,(T,) = 0.104,IW
A(Tl) = AOIS(T) ) T1 = T1A = CtH;/‘} . [4)

In this calculations, Ao effective ground acceleration
coefficient, importance factor [=1.00, (=0.03~0.04
(shear wall system), C: =0.05 (shear wall-frame system),
T1a= 0.09 Hv/VL (for Hy>25 m, L is the building length in
seismic direction) are taken into account. Seismic load
reduction factor Rq(T1) and structural behaviour factor R
are taken as 6.00 for shear wall system and as 7 for shear
wall-frame system.

Accepting a triangularly variation for V: along the
height of the building Hn; wn can be written as
wn=2V:/H=2V:/(Nh) at the top. Here, h is the storey
height. In this study, storey height is assumed as 3.00 m.

The overturning moment Mrand the shear force V: at
the base of the building are

My = (2/3)HyV: - (5)

3. The Criteria for Shear Wall Determination

The suggested criteria for determination of the di-
mensions of earthquake shear walls are listed in the fol-
lowing (TS500, 2000; TNC, 2007):

1) The compression depth of the shear walls at the base
with high ductility should be

iy = 2= €0/ (6cu + £5) < 0.423. (6)

Under this condition &sis

g, > 0.0041, 7)

which is 2.05 multiple of & for fix =420 N/mm? (NBC,
1985; TS500, 2000; Celep and Kumbasar, 2005). The
structure behaviour coefficient should be estimated ac-
cording to the situation if the ductility is not increased.

2) The ratio of the total area of vertical reinforcement at
each wall end zone to the gross wall cross section area
should not be less than 0.001. However this ratio shall be
increased to 0.002 along the critical wall height. The rea-
son for this criteria is to assure a suitable concreting and
is existing of the fifth criteria.

p < 0.002 (along the critical wall height). (8)

3) The relative storey displacement A; is

Ai: di - di—l < 0003hl ) (9)
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where d; is the displacement of i-th floor and h:; is the sto-
rey height. According to this, the ratio of shear wall top
horizontal displacement f to the building height H is 0
which is

8 =RD; , Simax)/h; < 0.02. (10)

This criteria supplies the second order effects to be
negligible.

4) Itis necessary to ensure a sufficient shear force capac-
ity of the shear walls so that there should not be any di-
agonal cracks in shear walls at the ultimate state. This
criteria assures, if the smaller principal concrete stress
is negative on the center of gravity of the shear wall
above the basement, then the absolute value of this
should be smaller than a proper value (TS9967, 1992).
With the axial stress oc caused by vertical loads and the
shear stress 1. caused by shear forces in the center of
gravity of the shear wall, the small principal stress o1 is
known to be

0= (%) /7 ¥, (11)

If 01 is negative, then the criter can be expressed as
|o1]<o1”, where 01"=0.043fc and fex is the characteristic
compressive strength of the concrete.

An i-th shear wall’s shear force V1 above the founda-
tion and the axial force N7 caused by vertical loads with
the shear wall width b: and length In then with the
stresses oci=Nri/bilti and t.i=Vri/bilri. Eq. (11), for o1 be-
ing negative, the absolute value can be written as,

1 *
o1l = | Go) Wi = VN + 4V < i (12)

By using these equations, the shear wall lengths
which satisfy the criteria can be obtained. For
C=A(T1)/Ra(T1),

_ Lesuap(iVinsct)] oy~ osow,

Ti

boy
= [4.28NAp(1—x/*1+7.1162)] for Ny = 0.75W,
boy
— 2
i = [5'7“”(;0: SO for Np=Loow.  (13)
1

From Egs. (13), it is obvious that I7; inversely propor-
tional to fex and b and right proportional to N. Eq. (14)
can be obtained with the condition 4, and C to be the
same for two different values of n, b and fex which leads a
relation with different shear wall lengths Ir:.

(2)
N2\ Sk 1 b
Iry = s (2) E516G2)- (14)

Shear wall lengths I are given in diagrams which are
calculated from Eq. (13) for n=10 storeys, fa=20 N/mm?,

b=200 mm and for various values of Ap, Ao and Nr. For
shear wall lengths in the plan I which are suitable to the
building plan, being larger than Ir;,

Ly < lpis (15)

the diagonal crack criteria is clearly ensured. If the shear
wall has a cross-section like [, L, I ; then this criteria
should be controlled. This criteria also takes place in the
Romanian Code for Precast Structures 1972 and TS
9967. Horizontal load capacity of shear walls having di-
agonal-cracks contains some unclear points to be inves-
tigated.

5) The shear force capacity should be greater than the
bending moment capacity in shear walls. This prevents
the diagonal-cracks and can be obtained by the longitu-
dinal reinforcement ratio less than 0.002 at the end
cross-sections of the shear walls (lp:b). It means that if
the second and fourth criteria are ensured then the fifth
criteria is also ensured. The shear force Ve shall be taken
into account in calculating the transverse reinforcement
in walls. Shear strength of wall cross sections V- shall be
calculated with Eq. (16). The shear force Ve shall satisfy
the conditions defined below.

V<V, V,<02244fa,

V. = Acp(0.65fcq + pshfywd) , V=< Awffyd#- (16)

6) Structural walls are the vertical elements of the struc-
tural system where the ratio of length to thickness in
plan is equal to at least seven (lw/bw>7). In buildings
where seismic loads are fully carried by structural walls
along the full height of building, wall thickness shall not
be less than 1/15 the highest storey height and 200mm,
provided that both of the conditions given by Eq. (17) are
satisfied.

YA,/ %A, 20002, V,/YA; <05 fy. (17)

4. Evaluation of Shear Wall Lengths

The number of the shear walls having equal length on
each side of the building can be n»=3-10. Let us express
the length of each shear wall by I under the condition
that Ao, Ap, n, ny, fox and b are constant. The moment of
inertia for a single shear wall I»: and overturning moment
Mbi and shear force Vi at the foundation are

Ly = bl3;/12,

My; = Mplyi/ X1y o Vg = Velyi/ X1y - (18)

The total moment of inertia for all shear walls can be
expressed as a single shear wall with the moment of in-
ertia. The elastic horizontal displacement f of the struc-
ture top edge can be calculated and its ratio to the struc-
ture height 6 can be written. After the calculation of
overturning moments, shear forces and axial forces of
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the shear walls, reinforcement can be calculated by en-
suring the first and the second criteria. The non-dimen-
sional axial force n; and the non- dimensional overturn-
ing moment m; and the Iy lengths can be calculated. For
the determination of Iy;, it should be used the calculated
Ivi lengths corresponding to the values of n: or m: due to
the first and the second criteria. The lengths of shear
walls, for n=10 storeys and equal shear wall lengths with
the numbers ny=3-10 are evaluated. Without giving the
details of the calculations, for A from 100 m2 to 800 m?,
b=0.20 m, Ao=0.10 and 0.40, fex=20 N/mm?2and Nr=(0.50-
1.00)W, the Iri lengths are calculated and the values of 6,
p, €, € and ky are given in the diagrams. It should be
noted that the calculated Iy lengths for a specific number
of storeys such as n=10, should be multiplied by

n=n"/10. (19)

As seenin Egs., and under the same conditions but dif-
ferent number of storeys as n=n"#10, the lengths of shear
walls will be obtained. On the other hand, the kx, p and 6
values obtained for n=n" and for n=10 under the same
conditions are equal to each other.

Iw(m) 13.Kat bw=30 C25 Z3 Ao=1

'
1 _Ap(m?2)

Iw(m) 8.Kat bw=20 C20 21 Ao=1

| Ap(m2)

200 400 600 800

Iw(m) 10.Kat bw=25 C25 21 Ao=1

nb=3 == == ==nb=4 === - nb=6 —~-e-nb=8

Fig. 1. Shear wall length diagrams.
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Fig. 2. Shear wall length diagrams.

Examination of the diagrams yields the following:
a) Generally it can be said that, for larger values of A4,
while Nr=0.50W, kx reaches 0.423 and p is very low with
comparison to 0.001 but for decreasing 4, instead of up-
per limit for ky, the second criteria which makes p=0.001
should be taken into consideration. In the situation of de-
creasing axial force, instead of kx, it can be seen that p can
reach more easily to the upper limit.
b) When the axial force is large while there is small sto-
rey area, the v length of one of the shear walls having
the same length can be greater than the length nslr:.
c) Shear walls calculated according to the first and the
second criteria, always ensure the fourth criteria.
d) Value for 6 is also given. As it is seen, when the Ip
lengths are calculated according to the first and the sec-
ond criteria, the third criteria is also ensured.

On the other hand, as the lengths of the shear walls
are defined in the architectural plan, the shear walls in
the same direction can have different lengths.
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Fig. 3. ky, storey displacement and shear force diagrams.

After dimensioning the shear walls by the minimum
thickness given in earthquake codes, solutions of them
under earthquake effects are made for structure behav-
iour coefficient for increased ductility and the overturn-
ing moment, shear force and axial force at the foundation
is calculated. Then the necessary reinforcement can be
calculated according to TS500, 2000 and the unit defor-
mations s; and s are established, which means that k«
and p are also established.

P 10.Kat bw=25 C25 Z1 Ao=1
4.5
4,0
35
3,0
25
20
15
1.0
0,5
0,0

200 400 600 800
nb=3 — — —nb=4

T I
nb=8 m

Vv 10.Kat bw=25 C25 Z1 Ao=1 nb=3
8000

7000

6000

5000

4000

3000

2000

1000

Ap(m2)

6000

5000

4000

3000

2000

1000

200 400 600 800

Fig. 4. p and shear force diagrams.

The first and the second criteria can be controlled
with these, respectively. In case of exceedance of the lim-
its for one of the criteria, one of the following steps can
be made to ensure; a) changing the thickness of the shear
wall, b) changing the length of the shear wall, c) adding
another shear wall to the system. When the second cri-
teria is ensured while the first criteria is not, which
means the acceptance of non-increased shear wall duc-
tility by the project- engineer, than the structure behav-
iour coefficient should be taken suitable to this situation
and the earthquake forces should be recalculated.

5. Numerical Examples
5.1. Shear wall systems
The structural system consist of shear walls which

will carry the horizontal loads in the earthquake risk
zone. Storey area of the building is 600 mz2.
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a) For seismic zone 1 (40=0.40), soil group Z3, N=13, ma-
terial C25-S420a, ny=6, bw=30 cm, from Fig. 1, shear wall
length is taken as lw=740 cm.

With these values, W=96300 kN, T1=0.784 s,
S(T)=2.018, V:=12590 kN, M:=336323 kNm.

P1 shear wall; n=0.130, m=0.204, kx=0.300<0.423,
w=0.15, p=%3.4. P2; kx=0.333, p=%3.3. P3; kx=0.353,
p=%3.1. P4; kx=0.400, p=%2.9,

Shear forces;

Vi=2098 kN , Ve<V: , Vi=0.22Acnfca=8140 kN,
psh=0.0025 , Vi=Acn(0.65fcta+ psnfywad)=3758 kKN,
Vi=Awifyau=6260 kKN , (6i)max/hi=0.00333<0.02
(Hw/1w)=0.878<2 , (bw/h)=1/1021/15.

b) For seismic zone 1 (40=0.40), soil group Z1, N=13, ma-
terial C25-S420a, np=6, b»=30 cm, 1,==620 cm.

c) Forseismic zone 1 (40=0.40), soil group Z3, N=18, ma-
terial C30-S420a, np=6, b»=30 cm, 1,=940 cm.

d) For seismic zone 1 (40=0.40), soil group Z3, N=18, ma-
terial C30-S420a, np=6, bw=35 cm, [,=890 cm.

5.2. Shear wall and frame systems

The structural system consist of shear walls and
frames which will carry the horizontal loads in the earth-
quake risk zone. Storey area of the building is 400 mz2.
W,=0.75W.

a) For seismic zone 1 (40=0.40), soil group Z1, N=8, ma-
terial C20-S420a, np=4, bw=20 cm, 1,=480 cm.
b) For seismic zone 3 (40=0.20), soil group Z1, N=8, ma-
terial C20-S420a, np=4, bw=20 cm, 1,=390 cm.
c) Forseismic zone 1 (40=0.40), soil group Z3, N=15, ma-
terial C30-S420a, np=4, bw=25 cm, 1,=870 cm.
d) For seismic zone 3 (40=0.20), soil group Z3, N=15, ma-
terial C30-S420a, np=4, bw=25 cm, 1,=690 cm.

The selected shear walls ensured the criteria given in
part 3.

6. Conclusions

In this study, the calculation of systems consisting of
shear walls which are perfectly resistant under earth-
quake effects and can be built quickly, is examined.

To determine the dimensions of earthquake shear
walls in buildings, the following criteria are proposed. a)
It is desired to have increased ductility in the structures
which will be constructed in the first and the second de-
gree earthquake risk zones. According to this, the kx of
the shear walls at the base with high ductility should be
less than 0.423, b) The total reinforcement at the end
cross-sections of the shear walls should be less than
0.002, c) The ratio of shear wall top horizontal displace-
ment to the building height should be less than 0.02, d)
There should not be any diagonal cracks in shear walls,
d) The shear force capacity should be greater than the
bending moment capacity in shear walls.

The average storey weight for percent area is deter-
mined by the use of TS498, 2000 and TNC, 2007 for con-
structed buildings having different storey areas in case
of storey weights calculated for earthquake calculations.
Total shear force, the overturning moment, the mini-
mum and maximum values of axial forces of the shear

walls at the basement and the top force are calculated for
the buildings having number of storeys from 2 to 10 and
storey areas from 100 m?2 to 800 m2.

For N=10 and shear walls with the same size, the cal-
culated I, In;, 6, p, €, €s and kx values for various np, Ao, Ap
and W) suitable to the first and the second criteria are
given in diagrams.

With the same conditions but different number of sto-
reys from N=10, such as N=N", the necessary lengths of
shear walls Ir»" can be calculated as Ion"=(N"/10)ls10. On
the other hand, the 6, p and kx values obtained for Ir," and
for Ip1o under the same conditions are equal to each other.

Lengths of shear walls can be pre-dimensioned before
calculations by the use of these tables. Certainly, a defi-
nite calculation is necessary. It is explained how to de-
sign, if the lengths of the shear walls are given according
to the architectural design, in part 4. The shear force
which will be carried by the shear walls, should be less
than defined maximum value.

Shear walls having cross-sections of [, L., I will be con-
sidered in another study.
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ABSTRACT

ARTICLE INFO

Corrosion, as the spontaneous process of material degradation produced by the en-
vironment, affects the reliability and safety of structures, both by reducing the sec-
tion of the components, due to material loss and by diminution of the materials me-
chanical strength. The authors have found a mathematical relation between discon-
tinuities in beams and changes of its natural frequencies and developed a method to
identify these discontinuities. The present paper considers the more complex case of
damage determined by corrosion, where beam thinning is accompanied by mass de-
crease. These impose considering natural frequency changes in both directions: de-
crease due damage and increase because of mass loss. FEM simulations and analyti-
cal investigations were carried out, in order to find the relation between mass change
in different positions along the beam and the frequency increase. The results were
correlated with the “classical” relation describing frequency decrease because of dis-
continuities. Finally, the authors developed a new relation, proper to be used for dam-
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age produced by severe corrosion, which was validated by laboratory experiments.

1. Introduction

Corrosion is a consequence of the interaction be-
tween a material and its environment, which determines
changes in the materials properties and often leads to
impairment of the metals function, the environment or
the technical system of which these form a part (ISO
8044-1986). The damage process is irreversible and
leads to degradation of the material, accompanied by di-
minished performances of the technical system to which
it belongs. The corrosion processes always trigger from
the components surface, but sometimes penetrate deep
inside the materials.

Several criteria are used to classify the different cor-
rosion types. Regarding the corrosions mechanism, one
can distinguish between: (a) chemical (dry) corrosion, as
the heterogeneous corrosion process between a solid
metallic phase and a gaseous phase (air, industrial
gases); (b) electrochemical (wet) corrosion, which ap-
pears when metallic materials are in contact with an ag-
gressive, liquid and conducting medium; when it occurs

under the conditions of simultaneous mechanical load,
result stress corrosion, fatigue corrosion or fretting cor-
rosion and (c) biochemical corrosion, where the destruc-
tion of metal is caused by bacteria, fungi or other micro-
biological organisms under specific environmental con-
ditions (DeGiorgi, 1992).

Another traditional classification (Landolfo et al,
2010) characterizes corrosion phenomena according to
the appearance of the corroded area. Regarding this cri-
terion, the basic forms of corrosion are: (i) continuous
(generalized) corrosion, which can be both uniform,
where the metal surface is affected at the same rate on
large areas and nonuniform corrosion, characterized by
different corrosion rates in different zones of the sur-
face; (ii) localized corrosion, which is restricted to re-
duced areas and takes the form of pits, crevices or cavi-
ties.

From structural point of view, the loss of thickness of
the cross section due to corrosion attack leads to a
smaller bearing area, producing a decrease in the struc-
tural performance in terms of strength, stiffness and
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ductility, thus shortening the designed life expectancy
(Bazant, 1979; Apostolopoulos and Michalopoulos,
2007). In case of cyclic loads, the corrosion phenomenon
can produce a significant reduction in the fatigue
strength, mainly in zones with high stress concentration
(Albrecht and Hall, 2003; Landolfo et al,, 2005; Kline-
smith, 2007). Especially in case of uniform corrosion the
loss of material mass is significant, bringing up difficul-
ties when dynamic methods are used for corrosion as-
sessments. While corrosion is a major problem, it con-
cerned the attention of researchers, but only recently
they gave attention to the joined effects of stiffness and
mass loss.

Our previous researches considered the influence of
local, transversal damages without loss of mass upon dy-
namic behavior of beams and established a simple, relia-
ble method to asses these damages. Recent investiga-
tions considering the influence of local corrosion on the
dynamic behavior of beams were performed, with focus
both on stiffness changes and loss of mass. This paper

X o €

presents the results obtained and considerations how
these can be used to improve damage detection methods.

2. Analytical Investigations

For this paper we have chosen to present the cantile-
ver beam, which due to its asymmetry is more complex,
but uniquely defines the damage/corrosion location. For
demonstration we used a steel cantilever beam with rec-
tangular cross section (Fig. 1) having the following ge-
ometry: length L = 600 mm; width B =50 mm and height
H =5 mm. Consequently, for the undamaged state, the
beam has the cross-section A = 250-10¢ m? and the mo-
ment of inertia I = 520.833-10-12 m*. The mechanical pa-
rameters of the specimens’ material are: mass density
p =7850kg/m3; Young’s modulus E =2.0-101* N/mZ and
Poisson’s ratio m = 0.3. The earth gravity is considered
g = 9.806 m/s? and the mass of the beam is m = 1.1775
kg. On the cantilever beam acts only its own mass.
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Fig. 1. Cantilever beam with damage.

The natural frequencies Eq. (1) for the cantilever
beam is presented below:

a3 | EI

fo =0l (1)

where, the wave numbers a. of Euler-Bernoulli model
are the solution of Eq. (2) for n vibration modes:

cosa+cosh+1=0. (2)

At distance x from clamped end (Fig. 1) it is consid-
ered a damage/corrosion area of 2 mm wide during the
whole width of the beam with a small depth of 8% from
beam height, respectively 0.4 mm depth.

Taking in consideration that for the cantilever beam
the deflection v at the free end is:

_ pgaL? _ mi? (3)

8EI 8EI ’

for the damaged beam the deflection vp can be written:

- m(x,8)L3
D™ gEi(x,8)’

(4)

and consequently, the natural frequencies equation for
the damaged beam fo» becomes:

_ 8 | EI(x,86)
fon = 2m \Im(x,S)L3 ’ (5)

According to relation (5), the natural frequencies for
the damaged/corroded beam depends of moment of in-
ertia I(x,6) and mass m(x,6). In the corroded area on the
beam, when mass loss is significant compared to reduc-
ing the moment of inertia we can consider that I(x,6)~1.
The natural frequencies for the corroded beam depends
only the terms m(x,9).

In this case, the relative frequency shift (Gillich
and Praisach, 2012; Gillich et al., 2012a) can be writ-
ten:

I-f f
af=tfe=1-L, (6)

but the relative frequency shift for the corroded
beam Afcis,

a? El
_ _ f_D _ _ 2~ m(x,8)L3 _ _ Vm _ \/m(x,S)—\/H
Afe=1 F 1 a3 (B 1 Im@e  Jm@e) (7)
2w\ mL3

and taking in consideration the relation of natural
frequency for the damaged beam (Gillich and Prais-
ach, 2012), the natural frequency for the corroded
beam becomes:

fon = 1 (1 - 22 (3 0))?)

= f(1+ PR Gy), (8)
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where ¢ (x) is the normalized mode shape curvature
of the cantilever beam.

In the damaged beam the reducing of moment of
inertia and loss mass is significant. Taking in con-
sideration only the reducing of moment of inertia
m(x,0)~m and relations (3) and (4) the relative fre-

quency shift Afpis:
EI
\ m(x 5)L3 \ svD

fp _
Afp =1—-=—
[EI
! mL3 SVD
Vv Vip—\v
= 1 —_——_—=
Vvp \/IE ’ ()

and the natural frequency for the damaged beam (Gillich
et al,, 2012b) without taking in consideration the mass
loss:

fon =fa (1 - WJ_D?_D\/E) (%)2 . (10)

Taking in consideration the mass loss (8) and reduc-
ing the moment of inertia (10), the natural frequency for
the damaged beam can be written:

(1-9) ()
+ D (G002

(x5

fon =fa (11

The damage location index (12) can be obtained from
fracture mechanics by using the following formula:

T

VD=V
VoD

5
= 5.346hm.P (2), (12)
where (Ostachowicz and Krawczuk, 1991)

P (%) = 1.862 (%)2 ~395 (%)3 +16.375 (%)4 —37.226 (g)5 +

76.81 (%)6 — 126 (%)7 +172 (%)8 —172 (%)9 — 66.56 (%)10. (13)

3. Numerical Investigations

Investigations using the finite element method were
performed on a cantilever beam, first case for the un-
damaged beam, second case for a cantilever beam with
damage and mass loss (Fig. 1) and third case a geomet-
rical undamaged beam where in the presumed damaged
area of wide ¢ = 2 mm the original material was replaced
with a new one (Fig. 2), having the mass density reduced
in order to assure the same total beam mass like that of
the damaged beam.

The 3D beam with the geometrical characteristics and
material parameters presented in chapter 2, was
meshed by 0.5 mm elements in all cases. In order to com-
pare analytical investigations with numerical results,
were considered 197 locations of the damage on the
beam length, both for damaged beam with mass loss
(case two) presented in Fig. 1 and theoretical undam-
aged beam (case three) presented in Fig. 2. For all the
cases were determined the maximum deflection and the
first ten natural frequencies of the weak-axes bending vi-
bration modes, used to highlight the frequency changes
in a graphical way.

-
i

=

O B

Fig. 2. Undamaged cantilever beam.

Fig. 3 presents the natural frequencies for the dam-
aged beam with mass loss for the first, second, third and
fourth vibration mode. The dashed line represents the
natural frequencies obtained by numerical analysis and
the continuous line represents the natural frequencies
obtained analytic with relation (10).

Fig. 4 presents the natural frequencies for the geo-
metrical undamaged beam but with loss of mass, for the
first, second, third and fourth vibration mode. The
dashed line represents the natural frequencies obtained
by numerical analysis and the continuous line repre-
sents the natural frequencies obtained analytic with re-
lation (8).

Fig. 5 presents the natural frequencies for the dam-
aged beam without mass loss, for the first, second, third

and fourth vibration mode. The dashed line represents
the natural frequencies obtained by numerical analysis
for damaged beam and undamaged beam with reduced
mass and the continuous line represents the natural fre-
quencies obtained analytic with relation (10).

For Figs. 3 to 5 the dash-dotted line represents the
natural frequency of the undamaged beam.

The dashed lines presented in Fig. 5 are obtained as
difference between numerical results of natural frequen-
cies for the damaged beam with mass loss (Fig. 3) and
numerical results of natural frequencies for the undam-
aged beam with reduced mass (Fig. 4). [t can be observes
the good concordance of the corrected results obtained
by numerical analysis and that obtained by means of
fracture mechanics.
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Fig. 3. Natural frequencies for the damaged beam with mass loss (first, second, third and fourth vibration modes).
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4. Laboratory Experiments

We conducted experiments on the cantilever beam to
find the first ten natural frequencies of the undamaged
and damaged beam. During the tests, the beams where
fixed in a milling machine and the excitation of the struc-
ture was realized by hitting with a hammer. The meas-
urement system was composed by a laptop, a NI cDAQ-
9172 compact chassis with NI 9234 four-channel dy-
namic signal acquisition modules and a Kistler 8772 ac-
celerometer mounted near the free end of the beam. Us-
ing virtual instruments created in LabVIEW we acquired
the acceleration time history and identified the first ten
weak-axis bending vibration modes. For the damaged

case, the effect of corrosion was simulated by saw cuts,
of around 2 mm wide and 0.5 mm depth. The damage is
located atx/L = 0.595.

The natural frequencies for the first ten vibration
mode, for the undamaged and damaged beam obtained
analytically (10), numerically by finite element method
and measured are presented in Table 1.

To compare the obtained results presented in Table 1
is useful to represents the normalized frequency shift
versus vibration mode (Fig. 5). The normalized fre-
quency shift (Table 2) is the relative frequency shift di-
vided by maximum of the relative frequency shift (high-
lighted with bold characters in Table 1) of the ten vibra-
tion modes.

Table 1. Natural frequencies for the undamaged (fv) and damaged (fp) beam with damage located at x/L = 0.595.

Vibration Natural frequencies
mode Analytic Euler-Bernoulli Numerical Measured
n fua[Hz] fo.a[Hz] fu rem [Hz] fo_rem [Hz] fum [Hz] fo.m [Hz]
1 11.3247 11.3237 11.3840 11.3834 11.3564 11.3552
2 70.9709 70.8803 71.3084 71.2263 71.0215 70.9302
3 198.7205 198.5839 199.6549 199.5339 199.0212 198.8811
4 389.4129 389.2844 391.3266 391.2133 389.5088 389.3814
5 643.7275 642.9087 647.1184 646.4253 648.027 647.1995
6 961.6174 961.611 967.0326 967.0125 966.0025 965.9832
7 1343.0854 1341.5112 1350.994 1349.6439 1345.3657 1343.7714
8 1788.1315 1787.2082 1798.7638 1797.9662 1792.2048 1791.1582
9 2296.7556 2295.7555 2309.9327 2309.0230 2306.3294 2305.4299
10 2868.9577 2865.4446 2883.9323 2880.9621 2878.4419 2874.9624




76 Bobos et al. / Challenge Journal of Structural Mechanics 1 (2) (2015) 71-77

Table 2. Relative frequency shift (Af) and normalized frequency shift (NAf) for damaged beam with damage at x/L = 0.595.

Vibration Relative frequency shift & Normalized frequency shift
mode Analytic Euler-Bernoulli Numerical Measured

n Afa [%] NAfa Afrem [Yo0] NAfrem Afwu [%] NAfu

1 0.0088 0.068912 0.0053 0.042535 0.0102 0.079377
2 0.1277 1.000000 0.1152 1.000000 0.1285 1.000000
3 0.0688 0.538763 0.0606 0.526042 0.0704 0.547860
4 0.0330 0.258418 0.0290 0.251736 0.0327 0.254475
5 0.1272 0.996085 0.1071 0.929688 0.1277 0.993774
6 0.0007 0.005482 0.0021 0.018229 0.0020 0.015564
7 0.1172 0.917776 0.1000 0.868056 0.1185 0.922179
8 0.0516 0.404072 0.0443 0.384549 0.0584 0.454475
9 0.0435 0.340642 0.0394 0.342014 0.0390 0.303502
10 0.1224 0.958496 0.1030 0.894097 0.1209 0.940700

It can be observed a very good correlation between
analytic method, numerical analysis and measured re-
sults for a damaged beam. The normalized frequency
shift in respect to the vibration mode presented in Fig. 6

uniquely characterizes the frequency changes for an
asymmetrical beam. Thus, the damage location indexes
can be used to precisely identify the location of a crack,
without caring about its depth.
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Fig. 6. Normalized frequency shift versus vibration mode.

5. Conclusions

Corrosion, as degeneration of materials, affects the re-
liability and safety of structures by producing loss of ma-
terial together with thinning of components and conse-
quently reduction of mechanical strength and stiffness.
These two aspects are rarely considered together, since
the phenomenon is complex and solutions in this case re-
quire intensive time and resources consumption.

This paper consider the case of damage due corrosion,
where beam thinning is accompanied by mass loss. The
relation prior contrived between deflection and fre-
quency changes is used, completed with one found be-
tween mass loss in a given location and the resulting fre-
quency increase. This fact reveals that for damages with
mass loss, the natural frequency of the undamaged struc-
ture as a reference value is inadequate, being necessary
to adjust it with a term dependent on the loss of mass
and the value of the mode shape at the damage location.
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ABSTRACT

ARTICLE INFO

The purpose of this study is to determine the effects of various parameters such as
the aspect ratio, subgrade reaction modulus and thickness/span ratio on the fre-
quency parameters of thick plates resting on Winkler-type elastic foundations. For
this purpose, 4-noded (PBQ4) and 8-noded (PBQ8) Mindlin plate elements are
adopted for the analysis using Winkler foundation model. Two different integration
rules, namely the full integration (FI) and the selective reduced integration (SRI)
techniques, are used to obtain stiffness matrix of plates. The results obtained in this
study are compared with the results that are obtained by SAP2000 structural analy-

sis software.
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1. Introduction

The dynamic response of plates resting on elastic
foundation is an important tool in understanding the dy-
namic behaviour of many engineering problems. In gen-
eral, the analysis of this problem is based on the incor-
poration of the foundation reaction into the correspond-
ing differential equation of plates. Different models for
the foundation plates have been proposed to provide
more efficient and practical solutions. The simplest
model is the Winkler model which is also called as one
parameter model. This model can be considered as an
idealization of the soil medium by a number of mutually
independent springs and the vertical displacements of
the plate are assumed to be proportional at every point
to the contact pressure. Although it has some difficulties,
Winkler model is widely used because of its simplicity.

In the classical plate theory which is known as Kirch-
hoff plate theory, the effect of the shear deformation
through the plate thickness is ignored. However the ef-
fect of the shear deformation becomes important as the
thickness of the plate increases. For this reason, it is ob-
vious that shear deformation has to be taken into ac-
count especially for the thick plates. Mindlin plate ele-
ments are fundamentally simple to adopt for modelling

the shear deformation behaviour of the thick plates. But
Mindlin plate element has shear locking problem when a
thin plate is considered. Reduced integration and selec-
tive reduced integration techniques have been proposed
in many studies to avoid this problem.

Some of the studies on this topic is as follows. Shen et
al. (2001) investigated effects of the parameters such as
foundation stiffness, transverse shear deformation and
plate aspect ratio on dynamic response of Reissner-
Mindlin plates resting on Pasternak type elastic founda-
tion. Malekzadeh (2009) presented an accurate solution
procedure based on the three-dimensional elasticity the-
ory for the free vibration analysis of thick functionally
graded plates on two-parameter elastic foundation.
Leung and Zhu (2005) presented an analytical trapezoi-
dal hierarchical element for the transverse vibration of
Mindlin plates resting on two parameter foundation us-
ing Legendre orthogonal polynomials to avoid shear
locking problem. Omurtag et al. (1997) studied the free
vibration analysis of Kirchhoff plates resting on elastic
foundation using Gateaux differential. Zhou et al. (2006)
investigated the effects of various thickness-radius ra-
tios, foundation stiffness parameters and boundary con-
ditions on the dynamic behavior of the thick circular
plates on elastic foundation. Jedrysiak (2003) calculated
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frequencies of thin plates interacting with an elastic pe-
riodic foundation. Zhong and Yin (2008) investigated the
free vibration behavior of plate on elastic foundation by
finite integral transform method using Winkler founda-
tion method. Tovstik (2009) studied vibration and sta-
bility of a prestressed plate on elastic foundation. Hsu
(2010) numerically modelled the vibration behaviour of
orthotropic plates on nonlinear elastic foundations.

In this study, 4-noded (PBQ4) and 8-noded (PBQ8)
Mindlin plate elements that includes the effects of shear
deformation are adopted for the free vibration analysis
of the thick plates resting on Winkler foundation. A com-
puter program using finite element method is coded in
FORTRAN to calculate stiffness and mass matrices of the
system and then MATLAB for Windows 5.3 is used to ob-
tain the solution of the generalized eigenvalue problem.

2. Mathematical Model

The equation of motion for a plate-soil system sub-
jected to free vibration without damping is

[M]{w} + [K]{w} =0, (1)

where [K] is the stiffness matrix of the plate-soil system,
[M] is the mass matrix of the plate-soil system, w and w
are the displacement and acceleration of the plate, re-
spectively.

The subsoil has a finite depth on a rigid base at the
bottom. The total potential energy of plate-soil system
without load can be expanded as

Ir= %I[B]T[D] [B]dA +%f[w(x,y)]7 klw(x, y)]dA, (2)

where [B] is strain displacement matrix, [D] is the mate-
rial matrix and k is the subgrade reaction modulus of the
Winkler-type foundation. In this study 4-noded (PBQ4)
and 8-noded (PBQ8) quadrilateral rectangular finite ele-
ments based on Reissner-Mindlin theory are used to de-
velop the element stiffness matrix. In these elements,
nodal displacements at each node are

W, 0y, @y (3)

where w is the transverse displacement, gpxand gy are the
rotations. The rotations ¢x and ¢y are independent, and
are not related to w by differentiation. Displacement
shape functions are given as

[N;]=[N, OO N, O O ... N, 0 0], 4)
in which n is equal to 4 for PBQ4 and 8 for PBQ8. Shape
functions can be found in explicit forms Weaver and
Johnston (1984). After the standard procedures of finite

element method are applied, the stiffness matrices of the
plate-soil system can be evaluated as

U = {we 3 (k] + [k )wed, (5)

where [ky] and [kw] are stiffness matrix of the plate and
stiffness matrix of the Winkler foundation, {we} is the
nodal displacement vector. More explanation is given in
Ozgan and Daloglu (2007, 2009).

The Winkler foundation element stiffness matrices
for PBQ4 and PBQ8 are given in explicit forms in Ozgan
and Daloglu (2007).

The dynamics of elastic structures include the kinetic
energy of the plate in addition to the strain energy. Eval-
uation of the mass matrix of plate-subsoil system is
based on Hamilton’s variational principle with the ki-
netic energy of

. == [, (" [ulfidd, 6)

where {W} represents the partial derivative of the vector
of generalized displacement with respect to time varia-
ble and [g] is the mass density matrix. See reference
Ozgan and Daloglu (2009) for the evaluation of mass ma-
trices.

After substituting w = W sinwt into the governing
equation for a plate subjected to free vibration with no
damping given Eq. (1), one can obtain

(K] — 0?[MD{W} = Omy. == [, (T [ullidd,  (6)

where {W}is a vector of mode shape of vibration and A
(A=a?, wis the circular frequency) is the frequency pa-
rameter. The eigenvalue solution of this equation yields
frequency parameters and the corresponding mode
shapes (Kolar and Nemec, 1989).

3. Numerical Examples

The plate considered for the numerical analysis in this
study has 10 m length in the x and y direction and 0.5 m
thickness in the z direction. The modulus of elasticity
and Poisson ratio of the plate are 27.10° N/m2 and 0.20
respectively. The subgrade reaction modulus of the Win-
kler-type foundation is 5:106 N/m3. For the dynamic
analysis, the mass density of the plate is taken as 2500
kg/m3. 5 finite elements in the each direction for PBQ8
elements are enough for desired accuracy while 10 finite
elements are required for PBQ4 elements. The example
is analyzed by MZC element and SAP2000 structural
analysis software in addition to the elements presented
in this study and comparisons are made. MZC element
based on Kirchhoff plate theory is commonly used for
the thin plates due to it ignores shear deformation ef-
fects through the thickness of the plate. In the solution of
SAP2000, the option of thick plate element is selected.
Results are presented in Table 1 and Fig. 1.

As can be seen form figure, curves for PBQ4(FI) and
PBQ4(SRI) become different from that of other solutions
after 5t and 4t frequency parameter respectively. While
PBQ4(FI) produces higher frequency values, PBQ4(SRI)
produces lower frequency values than expected. It is
seen that selective reduced integration in the PBQ4 ele-
ment cannot be satisfactory for the free vibration analy-
sis of the thick plate on Winkler-type foundation. PBQ8
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elements are in good agreement with the solution of
SAP2000 commercial software. But it is observed that
PBQ8(SRI) element is getting closer to SAP2000 results
compare to the solution by PBQ8(FI) element for the
higher frequency parameters. Therefore, further analy-
sis will be done by PBQ8(SRI) element.

The same example is analyzed for the various thick-
ness/span ratio, aspect ratio and subgrade reaction
modulus to demonstrate the effects of these parameters
on the frequency parameters of the plate. Subgrade reac-
tion modulus is taken as 5-105, 5-106 and 5-:107 N/m3. As-
pectratios are taken as 1.0, 1.5 and 2.0 for each subgrade
reaction modulus as the length of the plate in the x direc-
tion is fixed. Thickness/span ratios are used as 0.05,0.10
and 0.20 for each aspect ratio. Results obtained are pre-

2,5E+05
—e— MZC

2,0E+05 |— —=— PBQA(FI) /
—a— PBQ4(SRI) /

15E+05 [—— —— PBQ8(FI)
—x— PBQ8(SRI) /

10E+05 | —o— SAP 2000

5,0E+04 . / /

0,0E+00 ——

AMA2 A3 A4 A5 A6 AT A8 A9 Al

Fig. 1. The variation of the first ten frequency parame-

sented in Table 2.

ters of the plate.

Table 1. The first six frequency parameters of the plate.

L/l Wi E}:ei;ig;t - - Fre(l]uency Params]eters l 1
3 4 5 6

MZC 3997.50 3997.50 4000.00 8804.58 13951.08 17177.13

PBQ4(FI) 3990.02 3990.02 4000.00 8893.01 29689.66 32970.03

0 G PBQ4(SRI) 3990.02 3990.02 4000.00 4000.00 8612.76 14022.42

PBQ8(FI) 3990.42 3990.42 4000.40 8676.00 13957.64 17252.34

PBQ8(SRI) 3990.02 3990.02 4000.00 8578.23 13794.58 16961.24

SAP2000 4000.00 4000.00 4000.00 8619.60 13292.31 16380.24

Table 2. The first six frequency parameters of plates for various values of subgrade reaction modulus, aspect ratio and

thickness/span ratio.
k Frequency Parameters
vy P o h Iz Is ls Is le
0.05 399.00 399.00 400.00 4949.59 10231.94 13396.65
1.0 0.10 198.02 198.02 200.00 17437.39 37666.67 49498.74
0.20 96.15 96.15 100.00 58636.52 136957.06 164973.65
0.05 399.00 399.56 400.00 2436.71 2613.35 10882.97
500 1.5 0.10 198.02 199.11 200.00 7942.38 8851.53 39138.63
0.20 96.15 98.25 100.00 27278.64 31856.42 127158.72
0.05 399.00 399.75 400.00 1103.32 1531.07 5747.27
2.0 0.10 198.02 199.50 200.00 2977.62 4521.19 20362.94
0.20 96.15 99.00 100.00 10663.40 15473.41 68531.00
0.05 3990.02 3990.02 4000.00 8578.23 13794.58 16961.24
1.0 0.10 1980.20 1980.20 2000.00 19205.93 39396.66 51233.02
0.20 961.53 961.53 1000.00 59482.04 127744.03 165770.71
0.05 3990.02 3995.56 4000.00 6024.68 6196.79 14460.22
5000 1.5 0.10 1980.19 1991.15 2000.00 9718.92 10619.45 40895.87
0.20 961.53 982.53 1000.00 28136.04 32699.08 127989.70
0.05 3990.02 3997.50 4000.00 4694.02 5120.43 9326.86
2.0 0.10 1980.20 1995.01 2000.00 4759.35 6300.29 22131.76
0.20 961.53 990.10 1000.00 11529.30 16334.51 69377.88
0.05 39900.05 39900.05 40000.00 44414.56 49420.66 52606.77
1.0 0.10 19801.71 19801.71 20000.00 36891.06 56695.87 68575.33
0.20 9614.85 9614.85 10000.00 67936.66 135612.65 173740.39
0.05 39900.05 39995.42 40000.00 41904.25 42030.80 50232.52
50000 1.5 0.10 19801.71 19911.28 20000.00 27484.05 28298.20 58467.89
0.20 9614.85 9824.98 10000.00 36709.57 41127.01 136298.93
0.05 39900.05 39974.83 40000.00 40600.62 41013.90 45122.41
2.0 0.10 19801.71 19949.92 20000.00 22576.27 24091.16 39819.77
0.20 9614.85 9900.71 10000.00 20187.69 24945.02 77846.19
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Fig. 2 shows the variation of first six frequency pa-
rameters with the aspect ratio for k=5-106 N/m3. As seen
from figures, aspect ratio don't affect the frequency pa-
rameters of the plate for the first three frequency param-
eter but the frequency parameters of the plate decrease
as the aspect ratio increase after 3rd frequency parame-
ters. This decrease is greater for the larger thickness/span
ratio. While the curves are concave for 4th and 5t fre-
quency parameters, the curves become convex for 6th
frequency parameters. Namely; while the decrease in the
4t and 5% frequency parameters of the plate with in-
creasing aspect ratio decrease for larger values of aspect
ratio, the opposite situation arises in the 6% frequency
parameters of the plate

Fig. 3 shows the variation of first six frequency pa-
rameters with subgrade reaction modulus for /,/1,=1.0.
Frequency parameters of the plate increase as the sub-
grade reaction modulus of the subsoil increases. The in-
crease in the frequency parameters of the plate with the
increasing subgrade reaction modulus becomes greater
for larger value of subgrade reaction modulus of subsoil.
First three frequency parameters of the plate are similar
to each other but after 314 frequency parameters, the in-
crease in the frequency parameters with increasing sub-
grade reaction modulus of the subsoil decrease.

The frequency parameters of the plate decrease with
increasing thickness/plate ratio for first three frequency
parameters, but the frequency parameters increase with
increasing thickness/span ratio after 31 frequency pa-
rameters. It is noted that some exceptional circum-
stances arise for k=5-107 N/m3.

In this study, mode shapes of the plate are also ob-
tained for all parameters considered but only mode
shapes corresponding to six lowest frequency parame-

ters for k=5-10¢ N/m3, h/[;=0.05 and l,/Ix=2.0 are pre-
sented since the presentation of all mode shapes would
take up excessive space. These mode shapes are given in
Fig. 4.

4. Conclusions

A 4-noded (PBQ4) and an 8-noded (PBQ8) Mindlin
plate elements are adopted for the analysis of plates on
elastic foundation using Winkler model, and the effects
of subgrade reaction modulus of the subsoil, aspect ratio
and thickness/span ratio on the frequency parameter of
the plate are investigated. This analysis is carried out by
using Matlab for Windows 5.3 for the solution of the gen-
eralized eigenvalue problem including stiffness and
mass matrices that are evaluated by a computer pro-
gram coded for the purpose using finite element method.
Following conclusions can be drawn from the results ob-
tained in the study.

e Results show that PBQ8 element can be used effec-
tively for the free vibration analysis of the plate on Win-
kler-type elastic foundation.

e Aspect ratio don’t affect the frequency parameters of
the plate for the first three frequency parameter but the
frequency parameters of the plate decrease with increas-
ing the aspect ratio after 31 frequency parameters.

e The frequency parameters of the plate increase with
increasing subgrade reaction modulus of the subsoil.

e The frequency parameters of the plate decrease with
increasing thickness/plate ratio for first three frequency
parameters but in general, the frequency parameters in-
crease with increasing thickness/span ratio after 3rd fre-
quency parameters.

3,0E+03 5,0E+03 5 0E+03
(a) (b) ()
A A Y
= 2,5E+03 = 25E+03 &2 SE+03
— — %
& 5 —& 2 L ——
0. 0E+00 T T 0.0EH0 0.0E+00 T T
1.00 1,50 2,00 1,00 1,50 2,00 1,00 1.50 2,00
Iy /e Iy/0x Iyly
7.0E+04 1,5E+05 2.0E+05
(d) () ®
& 3,5E+04 &£ 7,5E+04 & 1,0E+05 - \\
0,0E+00 , : 0,0E+00 % P 0,0E+00 : :
1.00 1.50 2,00 1,00 1.50 2,00 1.0 1.50 2,00

Fig. 2. The variation of the first six frequency parameters of the plate with various values of aspect ratio for k=5000
kN/m3 (—A—, h/l;=0.05; =0—, h/lx =0.10; —o—, h/lx =0.20).
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Fig. 3. The variation of the first six frequency parameters of the plate with various values of subgrade reaction mod-

ulus for aspect ratio=1.0 (—A—, h/lx=0.05; —-0—, h/1=0.10; —o—, h/1, =0.20).
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Fig. 4. First six mode shape for k=5000 kN/m3, I,/I,=2.0 and h/1x=0.05.
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ABSTRACT

ARTICLE INFO

Vertical displacement of the Korror-Babeldaop (KB) Bridge in Palau is presented.
This bridge was builtin 1977 by the cantilever method and collapsed 3 months after
remedial prestressing in 1996. KB Bridge was a segmental prestressed concrete
girder having the world record of 241 m and maximum girder depth of 14.17 m. The
final mid-span deflection was in design expected to be 0.53 to 0.65 m but after 18
yearsitreached 1.39 m and was still increasing. With a very limited amount of official
information of the bridge was available and bridge was analyzed by ANSYS finite el-
ement program. Presented is an accurate analysis using 5392 hexahedral three-di-
mensional (3D) finite elements with 9614 nodes by ANSYS. Hognestad concrete
model and Solid 65 element type were considered. The actual vertical displacements
of free end of the cantilever bridge under truck loading were compared with the 3D
finite element analyses results in order to come up with a benchmark model. The
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collapse reasons of KB Bridge were discussed.

1. Introduction

The collapse of a record 240.8m long clear-span pre-
stressed-concrete bridge after being in service for 18
years, in the Pacific island nation of Palau, occurred with-
out any failure indications in 1996. Koror-Babeldaob
Bridge was connecting Koror, Babeldaob Islands. The
failure of the KB Bridge in Fig.1, occurred on 26 Septem-
ber 1996, at around 5.45 afternoons (Burgoyne and
Scantlebury, 2006). The collapse of record span bridge
(Yee, 1979) was catastrophic, killing two people and in-
juring four more, and occurred under virtually no traffic
load during benign weather conditions. Services passing
through the bridge between the country’s two most pop-
ulated islands were severed; this caused the government
to declare a state of national emergency and request in-
ternational aid for the thousands of people left without
fresh water or electricity.

The main span was flanked by 72.2 m long end spans
in which the box girder was partially filled with rock

ballast to balance the moment at the main pier. The total
length of the bridge was 386 m (Fig. 1). The thickness of
the bottom slab varied from 1.15 m at the main piers to
0.18 m at the span. The web thickness of bridge was
0.36m in the main span. The cross section and hinge are
shown in Fig. 2.

The two symmetric concrete box cantilevers that
formed the main center span were each constructed sim-
ultaneously by 25 cast-in-place segmental section
(Sener, 2006) 3.66 m depth at the mid-span hinges and
14.17 m deep over the main piers. The whole bridge was
completed within in 2 years. There are so many re-
searches on the reason of collapse of Palau Bridge going
on (Bazant et al., 2009; McDonald et al., 2004; Pilz, 1997;
Sener et al,, 2009; Benzer, 2011).

The present study was undertaken to ascertain
whether there is something fundamentally wrong with
the way prestressed concrete is understood and in par-
ticular whether it should be thought differently in the
light of what happened.

* Corresponding author. Tel.: +90-212-3117376 ; Fax: +90-212-4278270 ; E-mail address: siddik.sener@bilgi.edu.tr (S. Sener)

ISSN: 2149-8024 / DOI: http://dx.doi.org/10.20528/cjsmec.2015.06.016


tel:+90-212-3117376
fax:+90-212-4278270
mailto:siddik.sener@bilgi.edu.tr
http://dx.doi.org/10.20528/cjsmec.2015.06.016
http://cjsmec.challengejournal.com/

Sener et al. / Challenge Journal of Structural Mechanics 1 (2) (2015) 84-89

85

. 386.00 m <
53.65m 240.80 m 53.65m
3.66 m
‘ 1417 m
%6

Water level

Main pier End pier
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Fig. 2. a) Cross section of box girder at main pier, and b) hinge at the center of mid span.

2. Research Significance

Clarification of the causes of major disaster has been,
and will always be, the main route to progress in struc-
tural engineering. Understanding of the excessive deflec-
tions of the bridge in Palau has the potential of greatly
improving the predictions of creep and shrinkage effects
in bridges as well as other structures.

3. Bridge Descriptions

According to design, the initial total longitudinal pre-
stressing force above the main pier was 182.4 MN
(=0.70x316x812x1050 N), and was provided by 316
parallel high-strength threaded bars of diameter 32 mm
and strength 1050 MPa (Fig. 3). Effective prestress was
assumed as a fe=0.7f;. The mass density of concrete was
p=23.25 kN/m3. Top slab covered by concrete pavement
of average thickness 75mm. The aggregate was crushed
basalt rock of maximum aggregate size about 19 mm,
supplied from a quarry on the island of Malakal. The bars

(the ducts of diameter 47.6 mm, later injected by grout)
were placed in up to four layers within the top slab. Ex-
tended by couplers and anchored near the abutment, the
prestressing bars had the diameter 32 mm and run con-
tinuously up to the segment of the main span at which
the threaded ends were anchored by nuts. Threaded
bars lengths in longitudinal direction were changing
from 1.6 m to 18.3 m (7 different length).

From the fact that the erection took about 6 month, it
is inferred that each fresh front segment was about 7
days old when prestressed. Generally tendons lengths
less than 80 m were stressed from one end, longer than
80m were stressed from both. Threaded bars, of diame-
ter 32 mm, and length 9.14 m were used to provide ver-
tical prestress of the webs (spacing from 0.3 m to 3 m)
and horizontal transverse prestress of the top slab (typ-
ical spacing is 0.56 m). The Young's modulus of pre-
stressing steel was assumed as 210 GPa and Poisson’s
ratio as 0.3. In post-collapse examination, neither the
prestressed nor the unprestressed steel showed and
signs of corrosion, despite the tropical marine environ-
ment.
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The bridge was completed in April 1977, after which
it remained unchanged for the next 18 years. On the pe-
riod the cantilevers deflected due to creep, shrinkage
and prestress loss. By 1990 the sag of the centre line, is
shown in Fig. 4, had reached 1.2 m (Klein, 2007) affecting
the appearance of the bridge causing discomfort to road
users, and damage to the wearing surface.

21

20

Midspan Height (m)

19.5 o

19

0 5 10 15 20

Years

Fig. 4. Measured long-term deflection at midspan.

The detailed geometry of one half of the structure is
shown in Fig. 5. The x-coordinate used here is measured
from the extreme back of bridge, with rear support at
x=18.6 m, and the main supportat 72.25 m. This leaves a
cantilever of 120.4 m. Variation of centroid location is
also shown as dashed curve.
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Fig. 5. Cross-sections along the bridge.

Variation of moment of inertia of the bridge was given
in Fig. 6. In this figure average moment of inertia /=160
m* was given as dashed line.

4. Cantilever Bridge

Fig. 7 shows that the as-built bending moment and
shear force diagram due to the bridge’s self-weight for
one cantilever as a solid line. The plotted values included
the effect of the ballast in the back span and weight of
pavement since these are permanent load. The peak mo-
ment at the main support is 1893 MNm while at x=84.8
m the moment is 1418 MNm (Fig. 7(a)) and the shear
force 32.0 MN (Fig. 7(b)).
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Fig. 6. Moment of inertia of the bridge.
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Fig. 7. Under the dead weight including ballast and
pavement, a) bending moment, b) shear force diagram.

Box girders have been analyzed according to the clas-
sical engineering theory of bending in which the cross
sections are assumed to remain plane. In Fig. 8, ANSYS
finite element modeling is shown. In this simulation of
bridge with ANSYS using 5392 hexahedral three-dimen-
sional (3D) finite element with 9614 nodes were used.
For threaded bars, 1014 line element by using node
numbers in each 45 segments were used. In this section
regular reinforcement ratio of the reinforced concrete
was chosen as p=0.003.

As part of the assessment of the bridge a loaded truck
weighting 125 kN was driven on the tip of each cantile-
ver to determine its stiffness. Displacement at the tip of
cantilever under the self-weight, pavement weight in-
cluding ballast and prestress was give 127.83 mm, own
weight, pavement, ballast, prestress under truck loading
give 157.43 mm. Difference between these two displace-
ments 29.6 mm is close enough to 30.5 mm, which is
given in McDonald et al. (2004). In this case concrete
model is close enough to real concrete used at Palau
Bridge in vertical deflection.

KB bridge was collapsed under shear force at x=7.08
m far from the main pier face. For this reason stress dis-
tribution at x=7.08 m was important for this analysis. In
Fig. 9 the distribution of shear stress in a cross section
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located at 7.08 m away from main pier face, is shown can be seen that a significant shear stress exists in the
when only self-weight or only prestress is considered. It ~ top and bottom slabs near main pier.

Fig. 8. Finite element mesh generation and boundary conditions of the model.

ELEMENT SOLUTION

SXzZ (NOAVG)
SMN =-5.161
SMX =4.033

(@)

——
-5.161 4 -3.118 -1.075 .968241 3.011

-4.14 -2.097 -.053374 1.99 4.033
Shear Forces (w/Gravity+Ballast+UD+Prestress Loads)

NODAL SOLUTION

SXZ (AVG)
SMN =-4.27
SMX =3.923

(b)

425 -2.449 -.628776
-3.36 -1.539 .281585

Shear Forces (w/Gravity+Ballast+UD+Prestress Loads)

Fig. 9. Shear stress distribution at x=7.08 m under self-weight and prestress, a) element solution, b) nodal solution.
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The total deflection is sensitive because it represents
a small difference of two large numbers corresponding
to self-weight and to prestress. The shear force plays a
more important role in downward deflection by self-
weight than upward deflection by prestress. Therefore
the neglect of shear may lead to a considerable underes-
timation of the long-term deflection.

5. Repairing

At the results of unexpected deflection at midspan,
the government of Palau is decided to take bridge repair-
ing program. The continuity cables pass along the full
length of the structure, which had been made continuous.
They make contact with the concrete only at the anchor-
ages and at the deflector beams. U.S. company made truck
tests atmidspan to measure the stiffness of the bridge. Un-
der the 250kN truck loading, they measured the vertical
displacement as a 6=30.5 mm. Vertical displacement at
the bridge midspan, under the truck loading at the canti-
lever end, could be obtained from Eq. (1) as well.

8§ = PL3/3EI (1

where, o=vertical displacement, P=concentrated truck
loading, L=length of cantilever, El=stiffness of box sec-
tion bridge. By using the measured displacement
6=0.0305 m under the truck loading (P=250 kN), in Eq.
(1), EI=250%x120.43/(3x0.0305)=4.76x103 Nm? will be
obtained. By the help of stiffness and I value from the
Fig. 6, elasticity modulus of concrete was found as,
E=4.76x103/160=29.8 GPa.

During the repairing process, for lifting of bridge at
center, help of additional prestressing bars applied 36
MN force. Assume the lever arm of prestressing bars as a
3 m, taking M=36x3=108 MNm, and using Eq. (2),

8§ = ML?/2EI, (2)

displacement at the cantilever end under the M,
6=108x106x120.42/(2x4.76x1012)=0.16 m was ob-
tained. The vertical and horizontal component of forces
exerted by the cable, which is shown with dashed line on
the bridge, is given in Fig. 10. Required M for the total
displacement 6=1.61 m, was found by using Eq. (1) as
M=1.61x2x29.8x103x160/120.42=1059 MNm. To pre-
vent the prestress loss in bars which already build in the
cross section, 20% is enough for displacement, and tak-
ing the lever arm 2 m, cantilever end moment
M=0.2x182.4x2=73 MNm was obtained. By this way,
0=73x1.61/1059=0.11 m vertical displacement, will be

eliminated.
7|L 32m ﬁk
1240 kN 3050 kN
%8.47
(3
4290 kN

Fig. 10. Forces induced by continuity cables.

Second work, to get the deformation of bridge at cen-
ter back, horizontally embedded 8 flat jacks were in-
stalled between the two cantilevers which were jacked
apart with a force of 31 MN applied at the center of the
top flange at shown in Fig. 11. For the jacking force, by
using slope of road 6%, and center of gravity at x=86 m
was 5.9 m, lever arm will be 0.06x70+5.9=10.10 m. Un-
der the M=3x10.10=313 MNm, vertical displacement,
6=313x106x120.42/(2x4.76x1012)=0.48 m, totally 5=0.64
m will be compensated during the repairing of the
bridge.

31 MN

| <—
[

<

|
¢

Fig. 11. Forces due to flat jacks at center.

Note that there is no force applied to the bridge at the
centerline since the tendon does not touch the concrete
here. Each side of the main span was prestressed, with a
total of 182.4MN of force anchored in the back span be-
tween the piers. The other ends of the bars were an-
chored throughout the main span, at the ends of the 25
segments that made up each cantilever (Fig. 12). In this
way a smaller force was applied at the center than at the
piers, where a larger moment was experienced. This will
be referred to as the original prestress to distinguish it
from subsequent additions.

Due to the change in cable profile a prestressing ten-
don exerts forces on the concrete all along. Its length so
the moments in a function of the eccentricity at any po-
sition, but the force applied by a jack directly on the con-
crete retains its line of action throughout the structure.
The difference in height between the center of the top
flange at the tip, and the centroid at x=84.8 m is 10.23 m.

6. Discussion

A downward deflection of 30.5 mm was recorded ata
midspan when two 125 kN trucks were parked on each
side of the midspan hinge. The main goal in this study to
compare the results of finite element code based on
model Hognestat which give the same deflection as 29.6
mm under the load of 250 kN. The displacement at the
midspan of bridge was found close enough to the ANSYS
finite element results.

Continuous bridge like as Turkish record holder
Beylerderesi and Giilburnu Bridge by symmetric cantile-
ver length is 82.5 m (Celebi and Harputoglu, 2006,
Harputoglu et al., 2007), better than the cantilever
bridge for the time dependent midspan deflection.
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Original prestress in top flange anchored throughout

does not pass through hinge

Central hinge transmits shear only

Flatjacks inserted at center

N

(b)

End pier

Main pier

Additional prestress installed
Anchored only at ends
‘/ Passes over deflector beams

Hinge removed and grouted;
Bridge now continuous

Fig. 12. a) Original bridge in April 1977, b) alterations made in July 1996.

7. Conclusions

As a result of this study following points were pre-
dicted.
¢ Cross section was always remaining constant during
the repairing work, using additional continuity cables
and flat jacks increase the amount of reinforcement may
cause overreinforced concrete beams.
e Temperature effect is also important in tropical envi-
ronment. Top face of bridge is always under the sun light
with crack around 50°C, but water face is always in com-
pression, no sunlight and temperature around 20°C
without crack. This difference increases the drying ef-
fect. According to one study (Bazant et al., 1987), weight
loss was in the C beam with about 70mm crack length,
2.2 times more than the without cracked C beam.
o The additional complications, caused by changing the
structure of bridge from statically determinate cantile-
vers to a statically indeterminate beam may cause prob-
lem. Because cantilever beams are originally cantilevers
when the transfer to the continuous beam does not have
any continuity bar except additional continuous cables
inserted during the retrofit.
e Creep (Bazant, 1972) lead to dangerous deflection
and prestress loss should be investigated.
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1. Introduction

Engineering investigations of Buhara (1976), Erzincan
(1992), Adana (1998), Marmara (1999), Diizce (1999)
and other destructive earthquakes have suggested that
great deformations and ruptures are observed during the
earthquake in the rigidity connection members between
columns. Engineering investigations into the effect of de-
structive earthquakes on buildings and engineering
structures also point out that buildings which are de-
signed and constructed without considering the rigidity
connections between columns widely collapse during
the earthquake. In these buildings, because of excessive
horizontal and vertical deformations, it is often observed
that damages, which may cause the stoppage of using the
buildings such as leaving of filling walls, bending of ray
beams under crane, breaking and spoiling on rays-joist
joints, blister and big detachments on the roof coating
(Eyyubov, 1978; Eyyubov, 1988; Eyyubov, 2004).

Rigidity connections between beams must be able to
provide the necessary rigidity towards the longitudi-
nally use conditions of buildings. Rigidity connections
must receive the force forming from the working of
bridged cranes in industrial buildings, from the effect of

wind, earthquake, from the failure of basic grounds
which is not uniform, from the climate changes and from
the temperature variations due to hot technical applica-
tions and must have the capacity for transferring them
to the base of the building.

Exhausting of rigidity connections between columns
because of the long lasting temperature variations, in-
vestigation of the endurance from the dynamic effect of
the loads forming from the working of cranes and wind
and preparation of calculation methods which can be ap-
plied in the building planning practice related to its con-
clusions are the current problems. Furthermore, the be-
havior of the carrying system of the building depends on
the characteristic of the settlement of rigidity connec-
tions on its length.

Formation of rigidity struts between columns, con-
structive formation of columns, their joints and sections
determine to a great deal the behaviour of rigidity shear
walls as a whole. It is enough to design for tension of the
sections of both two diagonal struts in the model which
provides the other diagonal cover with elastic buckling,
a diagonal towing of rigidity shear bars (Belenya, 1985;
Melnikov, 1980). There are rigidity shear wall construc-
tion practices that use bars, which are described as
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“buckling prevented” (Karatas and Celik, 2009; Melni-
kov, 1980; Wakabayashi et al., 1973; Xie, 2005). In this
paper, characteristics of inner force determination,
which is formed by the effects of seasonal heat changes
in these bars will be given regardless of the formational
characteristics of the joint and sections.

Research results on the calculation of the internal
forces occurring in the rigidity shear members depend-
ing on the length and the height of the building, and also
optimal formations’ arrangement of the settlement of
the rigidity shears between columns in industrial struc-
tural system have been stated here.

2. Selection of the Research Method

Researches have been carried out suitably to two-
type formations of the rigidity shears in structural sys-
tem. In the first type formation, rigidity shear was placed
in the middle of the building in structural system (Figs.
1, 3,5), as for second type formation, it was placed at two

sides of it (Figs. 2, 4 and 6) (Arda and Uzgider, 1978;
Belenya, 1985). Stress condition of the building rigidity
shear was also analyzed independently of the structural
system. On each type of arrangement, structural system
which was 66 m, 78 m, 90 m, 102 m, 114 m, and 126 m
in length was analyzed. On these lengths, conditions in
which the structural system was 6 m, 12 m and 18 m in
height were taken as an analysis object. In cases where
these structural system models (tz-t1) taken into consid-
eration for analysis were 30°C, 40°C, 50°C and 60°C,
rates of internal forces were calculated in rigidity shear
members and columns placed in edge-side sections re-
lated to the length of the building.

Here, t1is the average seasonal temperature when the
building was constructed; ¢t is maximum temperature
affecting the structural system during the usage of it. Cal-
culations were made by using the SAP2000 program. By
this way, variation character of internal forces depend-
ing on the length, height and t-t1 rates of the building in
its side columns and rigidity shear members was inves-
tigated.
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Fig. 1. Type-1 (H = 6 m).
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Fig. 2. Type-2 (H = 6 m).
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Fig. 4. Type-2 (H=12 m).
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3. Determination of Displacement and Forces c=14(a)3u, (3)
Resulting from the Effect of the Temperature
Variation in Rigidity Shear between Columns in variable sectional columns in terms of height. a; =

H,/H and p = J /], can be calculated with equations. Hy

Strain of the structural system due to the effect of  is the height of higher part of J, column cross-section
temperature variation and the rate of the effective loads from the changed point and the inertia moment of sec-
depend on the arrangement of the structural system. In tions appropriate to the same height. J is the column

the first type arrangement of structural system, horizon- cross-sectional inertia moment in stable cross-sectional
tal strain rate suitable to high level of the structural sys- columns. As for variable sectional columns, the lower
tem’s side columns can be calculated with part of the column is cross-sectional inertia moment.

When structural systems arranged with stable cross-sec-
Ar=al,(t; —t;). (1)  tional columns due to its height are applied, it will be

taken as ¢ = 1in Eq. (2) (Belenya, 1985). Moreover, from

Here, « is the linear expansion modulus of structural the effect of the temperature variation of vertical rigidity
system material. It can be taken as 12x10-6 for steel. L1 is shear itself, the load occurring towards the horizontal
the width from rigidity shear side column in structural ~ bar in the top part of its columns can be calculated with
system to building side column.

As for the second type arrangement of structural sys- F, = 0.544, Ea(tz—t)b 4)
tem, due to the length of structural system, when rigidity HlA+A(K1 +2.83)]
shear of both sides is taken into consideration as it is
shown in Fig. 2, a strain limitation close to A:—0 is at is-
sue. In this case, effective load rate in the high level of the
column to the each of the side shears can be calculated

Here, it can be found with K; = b/H equation. b is the
distance between columns in rigidity shear. A is the col-
umn cross-sectional area, A1 is the rigidity shear cross-
sectional area of other columns.

with the . . . .
In accordance with this research, in the first type struc-
3EJaL, tural system arrangement, effective load rate from the
Fup = H3c (tz —t). (2) general temperature variation occurring in the height of

the building to rigidity shear can be as F:—0. But, in this

Here, E column material elasticity modulus- can be case, load rate resulting from the effect of temperature
taken as E = 2,06-10* kN/cm? for steel. H is the height of  in rigidity shear itself will be calculated with Eq. (4). As
column and Lo is the distance between the internal col- for the second type structural system arrangement, for-
umns of shear in Fig. 2 in the length of structural system. mation of rigidity shear to the two edge side of the
¢ will be calculated with building widely limits the horizontal strain under the
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influence of temperature. In other words, A-—0 and hor-
izontal load rate effective in rigidity shear can come
closer to F: maximum in this case (Timoshenko, 1955;
Belenya, 1985). Also in this case; the total effect of power
occurring due to the temperature variation in whole of
the building height in rigidity shear and the power oc-
curring due to the temperature variation in rigidity itself
will take place. In this case again, effective load to build-
ing shear will be calculated with

Fe=Fyp+ Fyp . (5)

When Egs. (2) and (4) are taken into consideration in
Eq. (5), itwill be as

0.5Ea(t,—t 6]1 AA1b
F, = (t2 1)[A+ 1

H H2c = Aq+A(K +2.83)]°

(6)

4., The Calculation of Internal Forces under the
Influence of Temperature Variation in Rigidity
Shear Members between Columns

In structural system, rigidity shear members between
columns having different geometrical characteristics,
SAP2000 program was used during the determination of
internal forces suitable to different temperature varia-
tions. According to this, when rigidity shear in a struc-
tural system which is at a height of 6 m and 66 m in
length is arranged as type 1 and temperature variation is
30°C, normal force in side column (member no 41) is
0.055 kN; normal force in rigidity shear diagonals (mem-
ber no 65) is -51.719; 0.184kN and 0 when shearing
force is suitable; 1.102 kNm and 0 when bending mo-
ment is suitable. When the effect of temperature is 60°C
in the same structural system, internal forces double.
When the length of the structural system is taken as 78
m and 30°C temperature variation takes place in mem-
ber no 41, normal force is 0.209 kN and it is -51.744 kN
in member no 65. It is also taken as 0.216 kN and 0 when
shearing force is suitable and bending moment as -
1.297kN and 0. When the same building length is 90 m
and temperature variation is 40°C, normal force is -0.629
kN in member no 41, 69.080 kN in member no 65; shear-
ing force is taken as 0,332 kN ; 0, and bending moment
as -1.989 kNm. When the building is at the height of 6 m,
12 m, 18 m and 66 m, 90 m and 126 m in length, calcula-
tion results of internal forces suitable to 40°C tempera-
ture variation are given in Table 1.

According to the rates given in this table, when the
length of the building steps up to 126 m from 66 m, nor-
mal force rate suitable to 40°C temperature variation is
24 in member no 41, bending moment is 1.88, shearing
force is 1.88. Normal force has increased 1.009 times in
member no 65.

When the building is at a height of 6 m and 66 m in
length (Fig. 2) and the rigidity shear is placed in two
sides of the building (Type-2), internal force in 30°C tem-
perature variationis -91.715 kN, +193.627 kN in internal
column, 85.010 kN in tensile diagonal (member no 11)
and -229.112 kN in stress diagonal. As for shearing force
and bending moment rate, it is taken as little as to be

disregarded. Under the influence of 60°C temperature
variation in the same structural system , normal force is
-183.429 kN in the side column of rigidity shear, 387.253
kN in internal column, 170.021 kN in tensile diagonal
(member no 11), -458.225 kN in stress diagonal (mem-
ber no 13). In this case also, shearing force and bending
moment can be ignored. As for the temperature variation
marked negatively, rates of internal forces in side and in-
ternal columns of rigidity shears are stable, but their
markers will be reverse. According to the rates given in
Table 1, when the length of the building increases from
66 m to 126 m, normal force rate suitable to 40°C tem-
perature variation increases to 12.52 kN in side column,
11.32 kN in internal side column, 12.6 kN in tensile diag-
onal, 11.1 kN in stress diagonal.

When the length of the building is 126 m and temper-
ature variation is 40°C, proportion of the normal forces
of the members in a structural system formed according
to Type-2 to normal forces of system members formed
according to Type-1 is 87 in external side column and
4.88 in stress diagonal (member no 13).

Depending on the rates given in Table 1, when the
length of the building is 66m and internal forces of rigid-
ity shear members of the Type-1 and Type-2 formations
are compared in 40°C temperature variation; rates of the
formations according to Type-1 in proportion to the for-
mations according to Type-2, normal force was seen to
decrease 1675 times in left side column, 3536 times in
internal side column and 4.43 times in stress diagonal.

Furthermore, when the length of the building was 66 m
and temperature variation was 40°C, in Type-1 structural
system model, normal force decreased 3.38 times in exter-
nal side columns. This happened when the height was in-
creased from 12 m to 18 m. As for Type-2, normal force in-
creased 1.06 times in external side columns with the in-
crease of height. A simplified method to determination of
the inner force of stiffness brace in industrial buildings due
to variation of temperature is proposed (Eyyubov, 2011).

Rates given in Table 1 of internal forces resulting from
the temperature variation in the columns of building and
rigidity shear members A = t2-t1 = 40°C were calculated
considering the seasonal temperature variation. This is
because seasonal temperature variation widely seen in
Turkey is close to 40°C. For the determination of internal
forces forming in the building rigidity shear and columns
due to desired temperature variation, that is enough to
multiply the rates given in Table 1 with the K: modulus
(Eyyubov, 2010).

K, = At;/At,. )

Here, At; rate is the seasonal temperature variation
rate in the region where the desired building is settled.
It is determined with the statistical methods by depend-
ing on the meteorology service data and it is stated in the
agreements prepared by Turkish Standards Institute
(TSE). Ato is the temperature variation reference value
by which appropriate construction member is calcu-
lated. Here, Ato will be taken as 40°C.

Variation diagram of internal force rate in building
side columns depending on the length of the building and
the height of Type-1 shear structural system is given in
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Fig. 7. According to this, internal force rate forming in the
members and columns of shear structural system
changes linearly in accordance with the length of the
building. Suitable rate of the internal force to the desired
length of the building in the members and the columns
of the shear can be found by multiplication of the rates
given in Table 1 with the K; modulus (Eyyubov, 2010).

K =1/1,. (8)

Here, lo was calculated beforehand or is the distance
from the shear side column of the building whose refer-
ence value have been given in Table 1 to the side column
of the building, Ii is the same distance in the building
whose design we have undertaken.
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Fig. 7. Type-1: Variation diagram of internal force rates depending on building length and height
in rigidity shear members.

Table 1. Internal forces in columns and rigidity shear members in the arrangement of structural system related to
Type-1 and Type-2.

— H 6 m 12 m
E| NERNAL I ent 41 65 12 14 67 75
=|  FORCES
Number | 41 | 43 11 | 13 16 | 17 18 | 19 75 | 69 89 | s1
Axial Force (t) Type 1 -0.1752 -6.9557 -0.0920 0.0920 1.3850 -7.0140
Type 2 -15.3066| 29.2320 | 14,2587 |-33.9493 -40.3658 |-17.304—9 45.5826 I 18.2136 | 18.5917 |-19.8806 12.7286 |-25.7599
Ne) Type 1 0.0461 0.0099 0.0089
= Shear Force (1) Type 2 -0.0034 I -0.0110 0.0096 | -0.0176 | -0.0183 I 0.0155
Bending Type 1 -0.2764 -0.1193 -0.1073
Moment (tm) Type 2 0.0203 | 0.0660 -0.0576 | 0.0479 | 0.1095 I 0.0166
— H 18 m
£ | INTERNAL
= FORCES Element 12 14 13 67 75
Number | 16 | 17 | 3 18 | 19 | 4 13 | 1 75 | 69 89 | s1
Axial Force (t) Type 1 -0.0473 0.0473 -0.2985. 1.4738 -7.0377
Type 2 |[-4S.6916 | -34.6986 |-11.8546 58,7577 | 32.1771 | 14.4663 | 12.4965. |-16.l918 16.1127 |-12.54—97 7.2365 |-21.4—698
© Type 1 0.0039 0.0035
= Shear Force (t) Type 2 0.0030 | -0.0068 | -0.0004 | -0.0180 | 0.0191 | -0.0048
Bending Type 1 -0.0704 -0.0634
Moment (tm) Type 2 -0.0178 | 0.0227 | 0.0250 | 0.1081 | -0.0064 | 0.0225

The stiffness members which located between col-
umns inner force values due to variation of temperature
and building length are written as (Eyyubov, 2011);
Ny = KK IN, , Qe = K1K Qo » My = K1 KM, (9
Ki, Kt the coefficients can be calculated by (7) and (8).

Na, Qa, M are reference values of axial force, shear force
and bending moment respectively. They can be chosen

according to reference building length (126 m) and ref-
erence temperature variation (At. = 40°C) from Table 1
or the diagram giving in the Fig. 7.

The inner force values of the longitudinal exterior
stiffness braces due to wind and earthquake effects can
be calculated by relevant regulations.

Normal force rates forming in the crosswise of the ri-
gidity shear can be applied in design depending on the
length of the building, and it can be accepted as constant.
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5. The Design of the Industrial Building Structural
System Depending on the Temperature Variation

When rigidity connection system arranged longitudi-
nally between columns in industrial buildings is formed
in accordance with Type-2, wind affects the rigidity
shears in two sides of the building. Moreover, internal
forces forming from the effect of the wind then can be
added.

The analysis of the rates given in Table 1 and diagram
shows that temperature strains in all of the members of
the rigidity shear are subject to the accumulation of it
with the strains resulting from the effect of the wind and
earthquake. Here, internal forces forming from the tem-
perature variation always can be taken into considera-
tion in the same combination with the one, two or three
of the internal forces resulting from the effect of the
wind, earthquake, machines or mechanisms when they
are activated and stopped.

When the rigidity shear is placed in the middle of the
building (Type-1), the rate of the internal forces result-
ing from the temperature variation in rigidity shear
members can be ignored as it is low. Calculation will be
made considering that in this case, the absorption effect
and active stress of the wind will be countered by the sin-
gle rigidity shear placed in the middle of the building
length. The same approach will be adopted when the ef-
fect of earthquake is taken into consideration in the de-
sign of the building.

Thus, the placement of rigidity shear between col-
umns into the middle of the building length may cause a
decrease in the internal forces forming in the structural
system members and simplification of the construction
and the design of the building. For example, a rigidity
shear instead of two rigidity shears can be placed into
the building whose length reaches to 120 m. This pro-
vides a great economical benefit for industrial building
construction.

6. Conclusions

The research results of the behaviors of the rigidity

connections between columns in industrial buildings can
be summarized as follows:
e The engineering research of the destructive earth-
quakes has showed that the behavior of the industrial
buildings during an earthquake is based on the for-
mation of the rigidity connections between columns.
With twisting, breakage and deformations in joints in ri-
gidity connection members can be encountered during
an earthquake. These deformations forming in the rigid-
ity shears affect the usage conditions of the buildings.

e The placement of the rigidity shear in the structural
system into the middle of the building causes a decrease
in the forces depending on temperature variation affect-
ing the connection member and it also causes to the sim-
plification in the formation of the structural system. The
length of the industrial building depending on the tem-
perature variation can be accepted as 100 m. In this case,
it is offered that rigidity shear between columns should
be placed in the middle of the building. Optimal rate of
the distance of rigidity shear to the building sides can be
40 m~60 m.

e When the members of the industrial building struc-
tural system are dimensioned, it is required that the
loads resulting from the temperature variation should
be considered. The loads resulting from the temperature
variation can be included in the load combinations as
static loads.
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